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ABSTRACT 
Beam-column joints are addressed 
for 
in the context of current design 
reinforced concrete ductile frames procedures and performance criteria 
subjected to large earthquake motions. Attention is drawn to the significant 
differences· between the pertinent requirements of concrete design codes of New 
Zealand and the United States for such joints. The difference between codes 
stimulated researchers and structural engineers of the United States, New 
Zealand, Japan and China to undertake an international collaborative research 
project. The major investigators of the project selected issues and set 
guidelines for co-ordinated testing of joint specimens designed according to 
the codes of the countries. The tests conducted at the University of 
Canterbury, New Zealand, are reported. Three full-scale beam-column-slab 
joint assemblies were designed according to existing code requirements of 
NZS 3101:1982, representing an interior joint of a one-way frame, an interior 
joint of a two-way frame, and an exterior joint of a two-way frame. Quasi-
static cyclic loading simulating severe earthquake actions was applied. The 
overall performance of each test assembly was found to be satisfactory in 
terms of stiffness, strength and ductility. The joint and column remained 
essentially undamaged while plastic hinges formed in the beams. The weak 
beam-strong column behaviour sought in the design, desirable in tall ductile 
frames designed for earthquake resistance, was therefore achieved. Using the 
laws of statics and test observations, the action and flow of forces from the 
slabs, beams and column to the joint cores are explored. The effects of bond 
performance and the seismic SQear resistance of the joints, based on some 
postulated mechanisms, are examined. Implications of the test results on code 
specifications are discussed and design recomendations are made. 
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NOTATION 
(Symbols which are used in illustrations and tables and are self-explanatory 
may not be listed here.) 
A g 
Ajh 
A. 
JV 
A , A' 
s s 
A 
sc 
b 
c 
b 
e 
b 
w 
c 
C , C' etc 
c c 
C , C' etc 
s s 
C , C' etc X X 
c y 
D 
D 
s 
E 
c 
E 
s 
f 
f, 
c 
= 
= 
= 
= 
= 
Gross area of column section 
Total area of effective horizontal joint shear reinforcement 
Total area of effective vertical joint shear reinforcement 
Area of tension and compression reinforcement respectively 
Area of reinforcement in one face of column 
Overall width of column 
Effective flange width of T or L beam 
Width of beam web 
Neutral axis depth in beam or column section 
Compression stress resultant in concrete 
Joint shear participation factor = Vjh/(Vjx + Vjy) 
Compression stress resultant in reinforcement 
Compression force in x-direction 
Compression force in y-direction 
Diagonal compression force 
Observed horizontal movement of test column measured by dial 
gauges 
Nominal diameter. of reinforcing bar 
Diagonal compression force 
mechanism in joint core 
resisted 
Slip of beam bar inside joint core 
by concrete strut 
Diagonal compression force resisted by truss mechanism in 
joint core 
Modulus of elasticity of concrete, MPa 
Modulus of elasticity of steel, MPa 
Shape factor used in estimating shear deflection 
Compressive strength of concrete, MPa 
f = r 
f 
s' f' etc s 
f 
sx' 
f 
sy' f xx' 
= 
f 
u 
f y 
fyh = 
f yv 
f y,o 
f y,m 
hi ... hs 
hb 
h 
c 
h' 
c 
h = s 
H = X 
I 
cr 
I 
e 
I g 
jd 
Kf 
[(theoretical= 
[( 
test 
L' = 
21' 22 = 
2 i' 2 ' 2 = 
2j 
2 
c 
f 
ix 
Modulus of rupture of concrete, MPa· 
Stress in reinforcing bar 
X~ tress in slab bar 
Ultimate strength of reinforcement, MPa 
Yield strength of reinforcement, MPa 
Yield strength of horizontal joint reinforcement 
Yield strength of vertical joint reinforcement 
Estimated overstrength of reinforcement 
Measured yield strength of reinforcement 
Distance between potentiometers above beam and beneath beam 
Depth of beam 
Overall depth of column in the direction of horizontal shear 
to be considered 
Reduced depth of column 
Thickness of floor slab 
Horizontal shear force in x-direction 
Moment of inertia of cracked concrete section 
Effective moment of inertia 
Moment of inertia of uncracked gross concrete section 
Internal level arm between resultant forces 
Ratio of steel compression force to total compression force 
Computed stiffness of idealised elastic structure 
Measured stiffness of test specimen 
Length of part of beam 
Shear span of beam from centreline of column 
Shear span of beam from column face 
Length of diagonal of an instrumented joint panel 
Storey height or height of column between points of support 
of test specimen 
2 ' c 
M 
Ml' M2 
M 
a 
mA' mA etc 
Mbz 
M 
ci 
M 
code 
M 
col 
M 
cr 
M des 
M 
ez 
M. 
1 
M* 1 
M 
max 
M 
s 
Mty 
M 
u 
n 
p 
pl' p2 
p 
e 
pi 
= 
X 
Clear height of upper or lower column from beam face of test 
specimen 
Structural material factor 
Bending moment at beam sections 1 and 2 
Maximum moment in member at stage at which the deflect ion is 
being computed 
Bending moment in slab 
Bending moment in transverse beam at an interior joint about 
z-axis 
Ideal (nominal) flexural strength of a column section based 
on specified material properties 
Column centre-line moment derived from code-specified lateral 
forces 
Design moment at critical section of a column based on 
capacity design pr~cedure 
Bending moment at first cracking 
Design column moment for a test unit 
Bending moment in edge beam at an exterior joint about z-axis 
Ideal (nominal) flexural strength 
calculated using either specified 
properties of steel and concrete 
of a beam 
or measured 
section 
material 
Maximum ideal flexural strength considering contribution of 
all slab reinforcement parallel to the beam 
Maximum column moment relevant to Md , assuming beam and all 
slab reinforcement in tension havingereached strain hardening 
Bending moment in the plane of floor slab 
Torsional moment about y-axis 
Dependable flexural strength of beam section, calculated as 
M. multiplied by a strength reduction factor ~ 
1 
Coefficient representing code restrictions on storey drift 
= Uniformly distributed vertical forces on a joint core 
= Vertical force applied at a beam end 
Minimum design axial load in compression on column 
Theoretical beam tip force ~ased on ideal flexural strength 
of beam section 
R. 
J 
R a'· .Rd 
r 
s 
s 
sl ... ss 
T, T' 
Th 
T. 
J 
T 
s 
ul' u2 etc 
ub 
ubo 
u 
o' u' 0 
v 
vb 
v 
c' V' c 
vch 
v 
code 
v 
col 
* v v 
cv' cv 
v dependable 
vi 
* vi 
v i(test) 
= 
XI 
Reaction force inside joint core 
Distance between centre-line of a beam sub-region and beam 
tip force 
Space ratio 
Structural type factor 
Distance of a pair of potentiometers from column face or 
adjacent pair 
Tension force in reinforcement (subscripted) 
Tension force in hoop reinforcement 
Tension force inside joint 
Tension stress resultant in reinforcement 
Unit bond force 
Average bond stress 
Average bond stress including overstrength of bar in tension 
Unit bond force including overstrength of bar in tension 
Storey shear force 
Vertical shear force in beam 
Horizontal shear force in column 
Horizontal joint shear strength assigned to concrete strut 
mechanism 
Horizontal seismic force as specified by loadings code 
Design shear force for column 
Vertical joint shear strength assigned to concrete strut 
mechanism 
Dependable storey shear strength of test specimen, calculated 
as Vi multiplied by a strength reduction factor ¢ 
Ideal storey shear strength of test specimen calculated 
according to code design recommendations 
Ideal storey shear strength 
assuming full participation of 
tension 
of test specimen calculated 
floor slab reinforcement in 
V. based on measured material properties of steel and 
1 
concrete 
v i(design) 
vjh 
vjh 
vjv 
vjx' vjy 
v. JV 
v 
s 
v 
s 
vsh 
v 
sv 
v 
X 
X, X 
z' zl' zz 
a 
a' 
6 
/1' "tz 
"I 
6. 
~~ 6.z 
~1' ~2 
6. 
c 
6. 
c,b 
= 
= 
= 
= 
= 
xii 
Vi based on specified material properties of steel and 
concrete 
Horizontal shear force across a joint 
Nominal horizontal shear stress in a joint 
Vertical shear force across a joint 
Horizontal joint shear 
respectively 
force in 
Nominal vertical shear stress in a joint 
Shear force in the plane of slab 
shear flow 
x and y directions 
Horizontal joint shear strength provided by horizontal joint 
shear reinforcement 
Vertical joint shear strength provided by vertical joint 
shear reinforcement 
Shear force in x-direction 
Horizontal displacement (subscripted) 
Moment lever arm between compression and tension stress 
resultants in a beam 
Inclination of potential failure plane in a joint core 
Inclination of reaction force in an exterior joint core 
Area ratio of bottom to top reinforcement in beam 
Joint shear strain 
Total joint shear strain 
Displacement (subscripted) or prefix to defined symbol to 
indicate an increment in that quantity 
Displacement observed when three-quarters of ideal strength 
is attained 
Deformation of joint diagonal 
Observed vertical displacement of beam end 
Total horizontal displacement of test column 
Horizontal displacement of column from contribution of beam 
deformations 
A 
c,c 
A 
c, j 
A 
e 
&> = 
LXI' 
c' 
LXI', etc= 
c 
A 
X 
A y 
8 
8 1, b, 8 2, b = 
8 1 , 8 
,c 2,c 
8 1, j, 8 2, j 
8 
cs 
E 1 ' E gl etc 
E 
s 
t y 
6, 6' 
6* 
6 
s' 
6' 
K, 
). 
o,m 
v 
s 
= 
= 
= 
= 
= 
= 
xiii 
Horizontal displacement of column resulting from contribution 
of column deformations 
Horizontal displacement of column resulting from contribution 
of joint shear distortion 
Elastic displacement 
Additional vertical force applied at beam end due to tension 
flange action 
Bond force transmitted from reinforcement over certain length 
Displacement in x-direction 
Yield displacement 
Prefix to defined symbol to indicate an increment in that 
quantity 
Vertical displacement of beam resulting from contribution of 
beam deformations 
Vertical displacement of beam resulting from contribution of 
column deformations 
Vertical displacement of beam resulting from contribution of 
joint shear distortion 
Horizontal displacement of test specimen resulting from 
movement of loading rig 
Strain at location 1 
Strain in reinforcement 
Yield strain 
Angle of rotation 
Angle of relative rotation 
Angle of in-plane distortion of slab panel 
Inclination of joint diagonal to the horizontal 
Rotation of beam section 
Materials overstrength 
properties 
factor relevant to specified 
Materials overstrength factor relevant to measured properties 
Displacement ductility factor applicable to a test specimen 
Displacement ductility factor applicable to a structure 
Amplification factor to allow for inelastic deformations 
eb 
~m 
r. 
'>p 
p 
p, 
= 
Ps 
Psh 
pt 
u, u 1, v2 
¢ 
¢0 
1/Jl • .. 1/Js 
* 1/;1 
1/Jy 
'JJ = 
xiv 
Bond strength factor allowing for" bi-directional seismic 
effect 
Bond strength factor allowing for beam moment effect 
Bond strength factor allowing for axial column load effect 
Area ratio of top beam reinforcement 
Area ratio of bottom beam reinforcement 
Area ratio of slab reinforcement 
Area ratio of horizontal joint reinforcement 
Area ratio of total column longitudinal reinforcement 
Stress ratio applicable to beam bars 
Strength reduction factor 
Beam overstrength factor 
Beam curvature 
Beam curvature with correction 
Yield curvature 
Dynamic moment magnification factor 
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CHAPTER 1 
JOINTS UNDER SEISMIC ACTIONS 
1.1 INTRODUCTION 
It is only in recent years that the attention of structural engineers 
has been drawn to the critical role of beam-column joints in reinforced 
concrete frames designed for earthquake resistance (1]. Although engineers 
placed more emphasis traditionally on beams and columns, concern for joint 
failures is becoming more justified as a result of field observations reported 
on recent events, such as the El-Asnam earthquake[2] and the San Salvador 
earthquake [3]. While current concrete design codes in New Zealand [4] and 
the United States [5] contain provisions pertinent to the seismic design of 
beam-column joints, it is to be noted that some significant differences exist 
in the design approach and detailing requirements. The aim of this report is 
to examine the various issues regarding beam-column joints and to present 
additional experimental and analytical findings. 
1.2 DESIGN CRITERIA 
For 
approach has 
building structures in 
been almost universally 
seismic regions, 
accepted as a 
the ductile design 
rational solution to 
achieve economic and adequate seismic resistance. This is evident from the 
adoption of the design approach for ductility in various building codes 
[6,7,8,9]. With respect to reinforced concrete multistorey frames, the 
approach led to what is popularly known as the "strong column-weak beam" 
concept whereby plastic hinges are designed to form in the beams rather than 
the columns. The aim is to prevent plastic hinges forming in columns, so as 
to avoid adverse "soft-storey" mechanisms. The application to the design of 
reinforced concrete moment resisting frames has been well covered in the 
engineering literature [1,10,11,12] and detailed provisions have now been 
written into concrete design codes or standards [4,5,13]. In New Zealand a 
further step has been taken in which the use of a deterministic "capacity 
design" method [12,14,15,16] is recommended in the codes [4,6] to quantify the 
2 
design actions in structural members. 
routinely used are required. 
Calculations additional to those 
Beam-column joints in moment resisting frames are usually subjected 
to large shear forces due to lateral earthquake forces. This is illustrated 
in Fig.1.1 for typical interior and exterior planar frame joints. The 
situation becomes critical under large cyclic reversals of earthquake actions, 
under which the joints are prone to extensive cracking. In the ductile design 
approach, inelastic lateral displacements are expected to take place. 
Adjacent beams develop their maximum possible flexural strengths, forming 
plastic hinges. Meanwhile the parts of the column above and below a joint 
should preferably remain elastic. Thus the primary attention must be focused 
on the capability of each joint in transmitting the necessary shear forces, 
both horizontally and vertically across the possibly cracked core of such a 
joint, without jeopardising the desired ductile response of the frame. 
Therefore the joint should be considered as an integral part of the column. 
Design criteria for joints in the seismic environment of New Zealand have been 
suggested some years ago [17,18] as follows : 
(1) The strength of a joint should not be less than the maximum strength of 
the weakest member it connects. This is to eliminate the need for repair 
in a relatively inaccessible region, and to prevent significant energy 
dissipation by joint mechanisms which undergo strength and stiffness 
degradation when subjected to cyclic loading in the inelastic range. 
(2) The capacity of a column should not be jeopardised by possible strength 
degradation within the joint due to cyclic inelastic displacements. The 
joint is an integral part of the column and therefore it should not be a 
prime souce of energy dissipation. 
(3) During moderate seismic disturbances, a joint should preferably respond 
within the elastic range. Joint deformations should not significantly 
affect stiffness and hence storey drift. 
(4) The joint reinforcement necessary to ensure satisfactory performance 
should not cause undue construction difficulties. 
There is evidence that these suggestions are viewed with reservations 
by some researchers outside New Zealand. 
3 
Inferior 
joint 
\ 
Exterior_) 
joint 
Fig.l.l -Exterior and interior beam-column joint assemblies 
of a ductile moment resisting frame subjected 
to lateral forces 
··c d , f ·u K Vcode 0 e S IllneSS lheorei!COI = -/j-y 
Displacement /j 
ductility factor ~6 = /jy 
Displacement 
Yield displacement 
fjy = fje 
Fig.1.2 - Idealised force-displacement relationships for a 
bilinear elasto-plastic structure under code 
design seismic force 
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1.3 PERFORMANCE CRITERIA 
1. 3.1 General 
The ductility demanded of a structure during earthquake actions is 
usually determined in terms of the magnitudes of inelastic deformations which 
may be expected. These magnitudes, when expressed in terms of ductility 
factors, are related to the stiffness of the structure in the elastic state, 
the strength of the structure and the severity of the earthquake. 
A measure of the ability for plastic deformations is the displacement 
ductility factor, ~~, which in this case is defined as the ratio of the 
maximum horizontal displacement, normally taken at the top of the structure, 
~, to the horizontal displacement at first yield, ~ , i.e. y 
~ 
~~ = ~ 
y 
( 1. 1) 
For fully ductile structures, seismic codes currently in use [6,7,8,9] imply 
generally a ductility factor ranging from five to seven. At maximum 
displacement, the development of a certain minimum strength (i.e. lateral 
force carrying capacity) is required. 
An idealized bilinear perfectly elastoplastic response of a ductile 
structure under lateral forces, often used in design, is shown in Fig.1.2. In 
this case the displacement at yield, ~, is well defined. In accord with the y 
ductile approach, the yield displacement is identical to the maximum elastic 
displacement, ~, of the structure when subjected to the action of the code 
e 
design seismic force V d . The displacement ductility factor of Eq.(1.1) is 
co e 
explained graphically in Fig.l.2. In corollary, the "code" stiffness, 
Kth t' 1 , is the computed elastic stiffness of the ideal structure. eore 1ca 
Stiffness criteria imposed by building codes are usually expressed by the 
interstorey limitations, generally known as drift limits. 
discussed in Section 1.3.2. 
They are to be 
It is well accepted that the ideal response assumed above is in fact 
not attainable in a reinforced concrete structure. There are various reasons 
for this. For example, (a) 
members of a structure, (b) 
plastic hinges may not form simultaneously in 
longitudinal reinforcing bars at different depths 
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in the section of a member may yield at different load levels, and (c) 
cracking in members occurs progressively. A more realistic representation of 
the force-displacement response of reinforced concrete structures observed in 
laboratories is shown by the solid curved line in Fig.1.3. It is evident then 
that the definition of A is ambfguous. In fact various definitions have been y 
adopted over the years by engineers and a need for "standardisation" has been 
voiced such as by Park [19] and Bertero [20]. 
To take into account the non-linearity of the e~eastic response, the 
usual approximation made in New Zealand [18,21] in the experimental 
determination of the yield displacement is to use the secant of the force-
displacement relationship passing through the point when 75% of the ideal 
strength Vi of the test structure is attained. This is shown in Fig.1.3. 
Line OA is used to define the test structure's real stiffness Ktest' This 
could then be compared with the estimated "code stiffness", Kth ti 1 , eore ca 
applicable to the ideal structure. . The yield displacement, A t t' for the y, es 
test structure, is then determined by extending in Fig.1.3 this assumed linear 
response from A to B. This enables the displacement ductility factor~ for 
the test structure to be defined. The ideal 
material properties measured 
traditional methods [1]. 
at the time of 
strength, Vi' is based on the 
testing and as calculated by 
It may be argued that the above mentioned method of defining 
stiffness is arbitrary. However, this method is considered realistic, ln that 
the stiffness is defined in terms of the post-cracking response of the test 
structure, which becomes relatively linear. It has been adopted over many 
years at research institutions in New Zealand [18,21]. It allows a practical 
evaluation of stiffness degradation in conjunction with ductility demand and 
also allows consistent comparison of different test results to be made. 
A property that needs to be appreciated in the evaluation of 
structural earthquake resistance, is hysteretic response. This has been 
traditionally associated with the energy dissipation capacity of a structure 
by considering the shape of the force-deformation hysteresis loops [18,22]. 
Recent studies [19,23] suggest that some variations in hysteresis loop shape 
will not have a major influence on the inelastic dynamic response of a 
structure when subjected to severe earthquake excitation. That is, hysteresis 
loops showing some pinching or stiffness degradation caused by, for instance, 
inelastic deformations due to shear and bond mechanisms, will not necessarily 
6 
Defined yield displacement: 
/)y, test = 1.33/)* 
Defined real stiffness: 
K o.7SV; _ V; test= ----=-
/)* /)y, test 
6* 6y, test 
Displacement, 6 
Fig.1.3 -Determination of yield displacement and stiffness 
for test strucitures 
P,,code 
(a) DISPLACED FRAME UNDER 
CODE DESIGN SEISMIC LOAD 
., 
~ 
e, 
• Potential 
plastic hinge 
at column face 
(b) DISPLACED TEST SPECIMEN 
IN LOADING RIG 
Fig.1.4 - Simulation of interior beam-column joint assembly by test specimen 
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lead to significantly larger inelastic displacements, providing that the 
structure has some damping of viscous type and is capable of some further 
damping by hysteretic energy diss~ation. However the inelastic response of 
,, 
structures with a short fundamental period of vibration depends to a much 
larger extent on hysteretic energy dissipation. Thus the extent to which 
shear and bond mechanisms should be permitted to participate in the hysteretic 
behaviour is still a controversial matter. Furthermore there is no doubt that 
it is easier to repair damage occurring due to inelastic flexural deformations 
at a well detailed plastic hinge of a member than to repair damage resulting 
from inelastic shear and bond mechanisms. 
1. 3.2 Stiffness Criteria 
As mentioned in Section 1.3.1, drift limits imposed by seismic 
requirements of building codes [6,7,8,9] can be interpreted in terms of 
interstorey displacements, ~ , calculated for the frame behaving elastically 
e 
under code design seismic force V d , shown in Fig.1.2 for an ideal bilinear 
co e 
elastoplastic structure. In Fig.l.4(a), a sub-frame is shown displaced 
laterally by an amount ~ due to the effect of V d • Drift limits usually 
e co e 
take the following form [6,7] 
where ti 
a 
~ 
a 
v~ < n£ e - c 
maximum allowable storey drift. 
( 1. 2) 
v = amplification factor to allow for inelastic deformations, 
i.e. ductility demand with typical values of 1 to 6.5. 
u computed interstorey displacement for the elastic structure 
e 
when subjected to the lateral seismic force used to 
determine the required strength of the components. 
Z storey height. 
('. 
n a coefficient principally to limit non-structural damage and 
hazard to occupants, typically 0.010 to 0.015 [7]. 
The above requirement implies that the storey drift calculated for 
the elastic multistorey frame, subjected to the lateral seismic design forces, 
in term of the percentage of the storey height, should be limited to 
~ 
e (%) :$ 100 n 
2c v 
( 1. 3) 
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For code-designed frames, typical values for the storey drift given 
by Eq.(1.3) are in the range of 0.17 to 0.75%. The larger value is applicable 
to frames of limited ductility situated in areas of low seismic risk. 
In New Zealand the current loadings code [6] specifies that for a 
fully ductile reinforced concrete frame, with non-structural elements having 
been separated, n = 0.01 and v = 2/SM, where S = structural type factor = 0.8, 
and M =materials factor= 0.8, so that v = 3.13. Hence the allowable 
interstorey drift of a structure behaving elastically subjected to code design 
forces is 
~ 
e 
n :5 0. 32% 
"c 
This criterion controls the minimum acceptable stiffness for the structure 
under consideration. This code limit, currently under review, is compared to 
those set by other codes [7,8,9] as listed in Table 1.1. 
A current draft revision of the New Zealand code [24] suggests that 
the maximum interstorey horizontal deflection in the severe seismic limit 
state should not exceed 3% of the interstorey height, unless it can be shown 
that greater drift can be tolerated by both structural and non-structural 
elements without causing danger to life. A fully ductile structure is assumed 
to be associated with a maximum displacement ductility factor of M~ = 6. 
Hence for a storey in which M~ = 6 the elastic stiffness limitation, using the 
assumptions of Section 1.3.1, becomes : 
0.5% 
It is evident that this increased maximum drift limit would relax the current 
stiffness restriction. This matter is still currently under review by the 
code committee. 
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Table 1.1 - Code interstorey drift limitations for ductile reinforced concrete frames 
ATC 3-06 (1978)111 UBC(1988)181 & SEAOC (1988)'9 
NZS 4203(1984)161 
Group I Group II Group III 
UBC(1985~1l 
h, < 19.8m h, > 19.8 m 
T < 0.7 sec T>0.7sec 
n 0.01 0.015 0.015 0.010 0.005 0.04 0.03 
v 2 2 
- 3.13 cd = 6 1 1 1.49 R. = 12 
--
- - -K 0.67 SM (0.8)(0.8) 
A,/ 10 0.32% 0.25% 0.25% 0.17% 0.34% 0.33% 0.25% 
Note : Symbols used are adopted directly from the text or pertinent codes 
n a coefficient, when multiplied by the storey height, to give the allowable storey drift 
cd deflection amplification factor 
~ total height of building frame 
K horizontal force factor 
lc storey height 
M structural material factor 
R, reduction factor used in determining seismic design base shear 
S structural type factor 
T fundamental elastic period of vibration, in seconds 
Ae interstorey lateral deflection calculated for the elastic structure under design seismic forces 
v amplification factor 
10 21 
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Fig.1.5- Displacement criteria for assessing performance under simulated 
seismic actions in New Zealand 
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1.3.3 Criteria for Adequate Ductility 
As stated before, structural systems intended to dissipate seismic 
energy by flexural yielding are :equired to have adequate ductility. 
Specified ductility factors, as shown in Fig.1.2, do not describe a force-
displacement relationship, which would affect the structures' ability to 
1\_lt \,I' 
dissipate energy, nor the effects of repeated cyclic displacement. To clarify 
the intents with specified values of ductility factors, a performance test, 
based largely on engineering judgement, has been in use in New Zealand. 
According to the current New Zealand loadings code [6] a ductile structure 
should be able to undergo four cycles of loading to a displacement ductility 
factor of four in each direction, implying a cumulative displacement ductility 
factor demand of E~ = 32. Furthermore, after those four cycles, the reduction 
in strength of any individual component should not exceed 30%, while that of 
the whole structure should not exceed 20%. 
The draft replacement code [24] proposes that this criterion should 
apply to any structure, using the envisaged maximum ductility factor assigned 
to that type of structure. Hence ductile moment resisting reinforced concrete 
frames should be capable of undergoing four cycles of lateral loadings to a 
displacement ductility factor of six in each direction without the load 
carrying capacity reducing by more than 20%. The implied cumulative 
displacement ductility demand becomes E~ = 48. 
Figure 1.5 shows two simplified displacement histories commonly used 
in New Zealand for assessing structural performance of test models under 
quasi-static cyclic loading in a laboratory. The pattern shown in Fig.l.S(a) 
conforms with the current code [6) recommendations. The alternative 
displacement history in Fig.l.S(b) has become popular because more useful 
information can be extracted while moderate ductility demands are imposed. It 
is seen that the current NZS 4203 [6) demand is exceeded in cycle 7 while that 
of the proposed replacement code [24] specification is attained in cycle 8. 
In seeking suitable displacement criteria it should be borne in mind 
that displacement cycles so selected cannot realistically follow the response 
of a structure to an actual major earthquake. For example, short period 
structures will be subjected to larger number of cycles of seismic deformation 
during a severe earthquake than long period structures. Instead, a relatively 
simple displacement criterion is sought which loads the structure to 
11 
reasonable displacement levels in the inelastic range for a number of cycles 
to enable an assessment to be made as to whether the performance of the 
structure is likely to be satisfactory during a major earthquake. 
1.3.4 Performance Criteria for Isolated Test Specimens 
The advantages and disadvantages associated with testing of complete 
full-scale structures as opposed to individual structural members have been 
discussed [25]. Laboratory testing of structural elements and assemblies, 
under quasi-static cyclic loading following simplified displacement histories 
similar to those described in Section 1.3.3, is still considered to be a very 
efficient experimental research procedure. An isolated test specimen 
(Fig.1.4(b)) is normally considered to be representative of a subassembly of a 
structure. Hence the performance observed may be consistently related 
directly to that of the prototype structure from which the test specimen is 
extracted [19,22]. It is often asiumed, as for example in code specifications 
for storey drift limits, that inelastic displacements throughout the structure 
are constant multiples of the displacements obtained from elastic analyses. 
This can lead sometimes to significant underestimates of ductility demands on 
components. This is because the deformed shape of the plastified structure 
can be significantly different from that of the elastic system. Fig.l.6 
illustrates the example of a frame, developed as a complete plastic mechanism. 
It is seen that plastic hinge rotations at the lower floors can be larger than 
what would be indicated by an overall displacement ductility factor that is 
expressed in terms of the lateral deflection at roof level. An analytical 
study [26] suggests that specimens simulating the behaviour of beams at 
different locations within a building should undergo different displacement 
histories. In the assessment of the performance of joints, such possible 
increases in local ductility demands should also be borne in mind. 
In Fig.1.4, an interior beam-column joint test assembly is shown 
simulating a prototype building frame under seismic actions. It is assumed 
that the flexural strengths of the beam sections at both sides of the column 
develop simultaneously while undergoing equal rotations. It follows then that 
the yield displacement of the test specimen, A t t should also satisfy the y, es 
intents of the storey drift limits expressed in Eq.(l.3). In New Zealand 
environment [6], this becomes 
A = Ae ~ 0.00322c y,test (1.4a) 
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•, 
Fig.1.6 -The deflected shape of an inelastic frame under 
earthquake attack 
1C 
(a) Concrete Strut 
r-
' I 
(b) Diagonal 
Compression Field 
Fig.1.7 - Fundamental mechanisms of shear transfer in an 
interior beam-column joint 
Eq.(l.4a) corresponds to the 
based on specified material 
force, V d . This dependable 
co e 
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case when the dependable strength, Vd d bl , epen a e 
properties, is attained to resist code level 
strength is related to the theoretical ideal 
strength based on specified material properties 
That is 
in design, vi(design)' by a 
strength reduction factor¢= 0.9 [6]. 
V = 0.9 V d (l.Sa) dependable i( esign) 
However, the ideal strength of the test assembly, Vi(test)' based on measured 
material properties, is usually used to determine A t t' Consequently the y, es 
stiffness requirements should be adjusted by the ratio 
v i(test) 
v dependable 
vi( test) (l.Sb) 0
·
9 vi(design) 
The limiting interstorey deflection, relevant to the behaviour of the 
prototype frame subjected to code lateral forces, as inferred from the test 
assembly, should then be 
A 
e,test 
The yield displacement of 
determined according to the 
The quasi-static cyclic load 
Section 1.3.3. 
1.4 CODE PROVISIONS 
A y,test 
Vi(test) I 0•9 Vi(design) 
(1.4b) 
the isolated test specimen, A t t' can be y, es 
method suggested in Section 1.3.1 and Fig.1.3. 
histories can then follow those recommended in 
The current New Zealand ~oncrete design code NZS 3101:1982 [41 
devotes a full chapter to the design and detailing of beam-column joints. ThA 
formulation of design procedure for seismic effects was based on 
considerations of two mechanisms, postulated to explain the resistance of 
shear forces in joint cores [1,17]. As Fig.l.7 shows, one mechanism transfers 
shear forces via a diagonal concrete strut, while the other mechanism consists 
of a diagonal compression field which necessitates joint shear reinforcement. 
Fig.1.7(b) is also known as truss mechanism. Unless the axial compression on 
the column is large, the truss mechanism, enabling large bond forces to be 
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transmitted within the joint, was considered more effective. Consequently, 
according to this code a considerable amount of transverse reinforcement is 
required in joint cores. The proposed CEB Model Code [13] has similar 
requirements. For convenient reference, the relevant design provisions of 
NZS 3101 [4] are summarised in Appendix A. 
In the major seismic codes [5,7,8,9] of North America, however, 
significantly different provisions have been made for the design of beam-
column joints. The ACI 318 code [5] has been widely accepted as the reference 
for other codes with respect to structural design in concrete. The 
differences between seismic provisions for joints of NZS 3101 [4] and ACI 318 
[5] have been discussed on several occasions [12,18,29]. 
The formulation of the ACI requirements was largely based on 
successive recommendations of ACI-ASCE Committee 352 on Joints and Connections 
in Monolithic Concrete Structures. 
appeared in 1985 [28]. Comparisons 
draft reports have also been made 
Applied Technology Council of the 
· Its latest report on beam-column joints 
of NZS 3101 [4] with earlier ACI-ASCE 352 
[18,29]. A project undertaken by the 
United States has resulted in another 
report, ATC-11 [30]. In tne ATC report, past and current provisions of ACI 
318 and ACI-ASCE 352 are compared with those of NZS 3101. Detailed 
comparisons are therefore not repeated in this report. 
In summary, the NZS 3101 provisions are based on a rational model 
considering the contributions from concrete and joint reinforcement according 
,i .' "1 
( ~ 
to two mechanisms as shown in Fig.l.7. Earlier editions of ACI 318 (1977) 
[31] and ACI-ASCE 352 (1976) [321 took a similar but more simplistic approach. 
However, current ACI 318 [5] and ACI-ASCE 352 [28] recommendations have 
adopted a fundamentally different approach. This is based on the simple 
assumption that a joint can carry 
if the concrete within the joint 
the presumed role of confinement 
a specified maximum horizontal shear stress 
core is adequately confined. It emphasises 
by transverse reinforcement and beams that 
frame into a joint. It ignores the issue of controlling diagonal tension and 
mechanisms of shear transfer across the joint. Provided the specified maximum 
horizontal shear stress in the joint core is not exceeded, only the amount of 
transverse reinforcement, in form of hoops or ties, to satisfy confining 
requirements for adjacent columns needs to be placed in the joint. This 
procedure, based on empirical evidence [33], that joint shear strength is not 
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sensitive to joint core shear reinforcement is still open to debate as will 
become evident in Chapter 2. 
There were no explicit code requirements for the joint design in 
Japan [34]. Reinforced concrete buildings in Japan have been traditionally 
designed to have very large earthquake resistance, This normally resulted in 
large size columns. Damage to the joint regions was scarcely observed in past 
earthquakes. However, with the gradual adoption of ductile design approach, 
some design guidelines [23,35] are being formulated. These appear to follow 
an approach similar to that of ACI 318 and ACI-ASCE 352. 
1.5 LITERATURE REVIEW 
The first study on beam-column joints was published in 1967 [36]. 
Since then research and laboratory · testing have been carried out at various 
countries, particularly in North America, Japan and New Zealand. Results and 
interpretations by engineers led to the successive formulation of code 
recommendations referred to in Section 1.4. Apart from the background 
,,,,, 
information given in the commentaries to NZS 3101 [4] 1\ ACI-ASCE 352 (28], a 
thorough critical review was provided by Paulay and Park [18] and Cook [37] 
mainly in terms of New Zealand's performance criteria. A project undertaken 
by ATC [30] resulted in more than fifty technical papers and research reports 
having been summarised. In 1987, Kurose [38] made an extensive survey of 
related work done in Japan. However, it is difficult to make direct 
comparison of test results when the tests involve different load histories and 
different definitions of reference stiffness. 
The majority of the earlier experiments were on joints of planar 
frames. Some tests involved unloaded transverse beams. However the results 
from these were not considered further in New Zealand in view of the skew 
earthquake actions to be taken into account. Beckingsale [39] found that the 
performance of space frame test unit was inferior to that of planar frame 
unit. Recent tests [40-47] began to include the effects of cast-in-place 
floor slab to more realistically simulate building frame responses. In a US-
on earthquake engineering, a full scale 
tested [48]. It was found that the 
Japan cooperative research programme 
seven-storey building structure was 
measured base shear of the building 
that theoretically estimated. It 
under one-way loading was 50% higher than 
can be concluded from these tests that a 
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considerable part of the floor slab acted together with the longitudinal 
beams. However, little progress had been made with respect to theoretical 
aspects of the mechanisms of floor slabs and joint behaviour. Some attempts 
have been made by Paulay and Park [18] and Cook [37]. This topic will be 
dealt with in Chapter 7. Amongst others, studies of anchorage requirements of 
beam bars in interior joints and related tests have been carried out by 
Kitayama et al [23], Dai and Park [49,50] and Leon [51]. 
1.6 INTERNATIONAL COLLABORATIVE RESEARCH PROJECT 
In view of the significant differences between the concrete design 
codes of New Zealand [4] and the United States [5,28] with respect to the 
seismic design of beam-column joints, a collaborative research project, to 
address the problem, was initiated by the University of Canterbury and the 
University of Texas at Austin. Subsequently a number of research engineers 
from New Zealand, the United States, Japan and China contributed to the 
project. The first two meetings were held in California in July 1984 and in 
Tokyo in May 1985, respectively, and issues regarding design philosophy and 
detailing requirements were raised and discussed. It was then agreed that the 
principal investigators from each 
column joint tests. The design of 
the country's current concrete 
country would undertake space frame beam-
the test specimens were to be according to 
design code requirements. To enable 
comparisons of test results to be made, guidelines on the general dimensions 
of specimens and loading histories were agreed to by consensus. The third 
meeting was held in Christchurch in August 1987 and the fourth (final) one in 
Hawaii in May 1989. Details on the meetings have been reported in New Zealand 
by Park and Hopkins [52]. Research papers presented at the meetings will be 
published in a Special Publication Volume by the American Concrete Institute. 
This thesis summarises the tests of three full-scale beam-column-slab 
joint assemblies, conducted in the structures laboratory of the Department of 
Civil Engineering, University of Canterbury, Christchurch, New Zealand, from 
1986 to 1988. With the exception of one test unit by Beckingsale [39], 
previous studies in New Zealand considered beam-column joint assemblies of 
planar frames. The effects of transverse beams and floor slabs have not been 
investigated previously in New Zealand. 
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CHAPTER 2 
DEVELOPMENTS IN BEHAVIOURAL MODELS OF JOINTS 
2.1 INTRODUCTION 
In the early days of the development of design procedures in 
reinforced concrete, many design rules, for example for shear, were formulated 
based on empirical conclusions drawn from the observed results of test 
specimens. As a result, such empirical rules had to be restricted to the 
narrow range of parameters studied. Inexperienced design engineers could 
possibly apply these rules to situations for which they are not applicable. 
Unless the engineer possesses a thorough understanding of structural behaviour 
and of the reasons for possibly unsatisfactory response, a rational design 
cannot be made in situations which are outside the range simulated in those 
experiments. For this reason, designs based on rational models have been 
advocated from time to time [53,54,55]. 
A rational and general, yet very simple, strength design procedure 
for members subjected to flexure with or without axial load was established 
over thirty years ago [1,56]. Recently, as a consequence of significant 
advances in the understanding of the mechanisms involved in developing the 
shear strength of reinforced concrete members [55,57], it became possible to 
replace the traditional collection of empirical equations for shear design by 
rational procedures based on clear, simple and verifiable principles [58]. 
For the design of beam-column joints, simple but rational procedures have been 
developed in New Zealand [4] and adopted in Europe [13]. However, code 
provisions for beam-column joints in North America [5,28] still rely on an 
empirical approach. 
To assist in obtaining a better understanding of the behaviour of 
beam-column joints in ductile frames designed for earthquake resistance, this 
chapter is devoted to a study of behavioural models. An explanation of the 
mechanisms of shear and bond resistance in joints is offered. Rational 
models, using elementary laws of statics, are emphasised throughout. For 
convenience in illustration, an interior joint of a typical planar frame under 
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lateral seismic actions is taken as example. 
readily extended to exterior joints. 
2.2 EQUILIBRIUM CRITERIA 
However, the principles can be 
Under the horizontal earthquake actions, moments and shear forces are 
generated in the beams and columns of a building frame (Fig.l.l). These 
members in turn introduce internal stress resultants to joint cores, as shown 
in Fig.2.1, resulting in horizontal and vertical shear forces across the 
joints. The symbols for stresses and stress resultants are readily identified 
in Fig.2.1 and further details are given in the list of symbols. Within an 
uncracked joint core, internal diagonal tensile and compressive stresses, 
shown as ft and fc, are generated. Diagonal cracking of the core concrete may 
follow. Unless adequate resistance is provided, it is inevitable that 
diagonal cracking will eventually cause joint failure, usually along a corner 
to corner failure plane. 
Consider the external and internal 
joint of a planar frame (Fig.2.l(b)). For 
actions at a typical interior 
simplicity, axial loads on the 
columns and beams are omitted. The ductile design approach implies that 
plastic hinges form in the framing beams, generally at the column faces. When 
this condition is reached, the horizontal shear force Vjh across the mid-depth 
of the joint core is 
- V' 
c 
- V" 
c 
whereas the vertical joint shear force V. is JV 
Vjv T' + C" + C" - V c s bl 
~ T" + C' + C' - V c s b2 
( 2. 1) 
(2.2a) 
In the case of the common multilayered arrangement of column reinforcement, 
the derivation of the vertical stress resultants is more cumbersome. By 
taking into account the distances between the various stress resultants and 
the member dimensions, the following approximation. for design purposes is 
allowed in New Zealand [4] 
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(a) Exterior Joint 
(b) Inferior Joint 
Fig.2.1 -Forces acting on beam-column joints under seismic actions 
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(2.2b) 
where hb and he are the beam and column depths respectively. 
For building frames with a regular layout, usually the beam shear 
forces as well as the column shear forces at the opposite sides of a joint 
core are similar. For this case it may be assumed that 
and V' 
c 
V" 
c 
v 
col 
Then it is evident that Eq.(2.1) can be written as 
(2.3) 
The joint shear forces for such a case are shown in Fig.2.2(a) with external 
forces identical to those in Fig.2.1(b). Actions at an exterior joint 
(Fig.2.l(a)) can be similarly considered, except that only one beam exists. 
As mentioned in Section 1.4, two principal mechanisms (Fig. 1.7) to 
transfer shear forces in beam-column joints have been postulated. They will 
be reviewed in Section 2.3. To illustrate the need for these mechanisms, 
equilibrium considerations have been recently used by Paulay [59] to 
facilitate understanding of joint behaviour. From established principles of 
shear in diagonally cracked concrete, the phenomenon of "tension shift'' (1] is 
used to explain the existence of tensile forces in the bars inside a joint 
core which is dominated by seismic actions. In the example interior joint 
core (Fig.2.2(a)), from elementary laws of statics the equilibrium of the 
beam-joint free body (Fig.2.2(b)) requires that the horizontal joint shear 
force must be equal to the sum of the horizontal tension forces, ~, generated 
in the beam bars and in the horizontal ties in the core [59]. In this model, 
it is assumed that the beam and column shear forces at the opposite sides of 
the joint core are identical and in equilibrium. Similarly it can be 
demonstrated that, in the absence of axial load on the column, the vertical 
joint shear force is equal to the total tensile forces generated in the 
vertical bars. 
Potential 
fat'lure 
plane 
(a} Actions at joint core 
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( b} Horizontal joint forces 
Fig.2.2 - Equilibrium criteria for an interior joint core 
stresses 
Fig.2.3 - Diagonal compression field induced by shear 
deformations in a diagonally cracked core of 
a beam-column joint [59] 
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Consideration of shear deformations (Fig.2.3) shows that shear 
stresses applied to the boundaries of a joint core can be transferred by means 
of a diagonal compression field. In comparison to the tensile strains in the 
reinforcement, diagonal concrete compression strains are generally negligible. 
Hence, as Fig.2.3 suggests, there is a tendency for the joint core to dilate 
as seismic actions continue. 
2.3 SHEAR RESISTING MECHANISMS 
2.3.1 Review of Strut and Truss Mechanisms 
In a joint core, isolated as a free body (Fig.2.2(a)), external 
forces from the beams and columns must be resisted within the joint core. The 
external and internal forces at a typical interior joint are redrawn in 
Figs.2.4(a) and (b). Two principal· mechanisms of shear resistance have been 
postulated [1,17] and further examined [18,29]. Some essential points are re-
stated here for completeness of the discussion. 
The first mechanism consists 
compression and shear forces around the 
(Fig.2.4(c)) sustaining a compressive force 
of the contribution of concrete 
joint. A diagonal concrete strut 
D , is assumed to be inclined at 
c 
an angle and close to that of the potential diagonal failure plane (see also 
Fig.2.2). The diagonal force is mobilised primarily by concrete compression 
forces (denoted by C with superscripts in Fig.2.4(c)) at two corners. Forces 
c 
labelled as CIT (with superscripts) are bond forces transmitted from the 
c 
reinforcement approximately over lengths within the shaded area. The strength 
of this mechanism, sustaining the diagonal force D , is sometimes referred to 
c 
as the "shear carried by the 
V is used to represent the 
cv 
respectively. 
concrete". The conventional notation Vch and 
horizontal and vertical joint shear resistances 
The second mechanism consists essentially 
vertical and horizontal reinforcement inside the 
of the contribution of the 
joint core. In Fig.2.4(d), 
V h and V are horizontal and vertical forces transferred by bond from the 
S SV 
beam and column bars. Primarily these bond forces are assumed to be 
transmitted to the core concrete mainly outside the diagonal concrete 
comprPssion zones of Fig.2.4(c). In Fig.2.4(d) these forces are idealised as 
uniformly distributed shear flow. Despite extensive cracking in the joint 
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(a) (b) 
(c J (d) 
Fig.2.4 - Principal mechanisms of shear resistance of an inelastic interior 
joint core [17) 
Undes iroble 
Ignore 
db 
1.. · I· .I 
'?:!;0. 75h, Plastic 
hinge 
(a) 
Ties 
(b) 
Fig.2.5 - Detailing requirements for longitudinal beam bars in exterior 
beam-column joints [4] 
core, a diagonal compression field D 
s 
if adequate lateral resisting forces 
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can be sustained to resist the forces, 
at the boundaries are provided through 
the existence of the joint core reinforcement. The truss mechanism generating 
this compression field action involves horizontal reinforcement (normally in 
the form of joint hoops), vertical reinforcement (normally in the form of 
column intermediate bars) and diagonal concrete struts (two of which to 
illustrate a complete load path are shown shaded in Fig.2.4(d)). This 
mechanism is also known as the "shear carried by the shear reinforcement'' and 
V h and V denote the horizontal and vertical components of the total joint 
s sv 
shear forces. 
The above discussion refers to actions in a conventionally reinforced 
concrete beam-column joint. Other parameters, such as axial loads on the 
column and beams, or relocation of beam plastic hinges away from the column 
faces, may have adverse effects or may make beneficial contributions to the 
shear resistance. However the basic mechanisms are assumed to remain 
unchanged. 
As cyclic inelastic loading progresses under severe earthquake 
actions, flexural cracking of the beams at the column faces become more 
severe. Flexural cracks may not close again upon moment reversals unless the 
beam bars, situated in the compression zones, slip or yield extensively. It 
was suggested [17] that the contribution of the concrete compression zones in 
the beams, shown as C and C' in Fig.2.4(b), would be significantly reduced. 
c c 
As a result, most or all of the beams' flexural strengths would have to be 
provided by steel couples provided by the top and bottom reinforcement. 
Flexural yielding, perhaps developing the overstrengths of the bars, results 
also in bond deterioration along the beam bars. Under these adverse 
conditions, the horizontal component of the diagonal compression strut 
mechanism, i.e. D in Fig.2.4(c), will diminish. Diagonal tension cracking in 
c 
the joint core in alternating directions due to seismic actions can cause some 
degradation of the effectiveness of the strut mechanism. Eventually the 
horizontal core shear resistance may be transferred from the strut (D ) 
c 
mechanism to the truss (D ) mechanism. By considering this particular 
s 
situation the current New Zealand concrete design code [4] assumes, with some 
exceptions, Vch to be zero. Consequently a considerable amount of horizontal 
joint reinforcement is required. 
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As for the vertical shear resistance of the joint core in frames 
proportioned in accordance with capacity design principles, the need for 
vertical reinforcement is reduced significantly. This is because in a ductile 
frame so designed, the columns are expected to remain elastic. Both the strut 
(D ) and truss (D ) mechanism are considered effective. Also the stresses in 
c s 
the compression zones of the column sections can be assumed to provide partial 
contribution to the joint truss mechanism. Detailed design provisions [4] can 
be seen in Appendix A. 
The actions in an exterior joint are similar to those discussed 
before. However, the conditions are less critical because only one beam acts 
in this case (Fig.2.l(a)). With the proper detailing of bars provided, as 
shown in Fig.2.5, the diagonal concrete strut mechanism will be enhanced by 
the end hooks of the beam bars (Fig.2.l(a)). Hence the code [4] allows 
reduction in requirements for horizontal joint shear reinforcement. 
2.3.2 Bond Mechanisms 
The brief review in Section 2.3.1 implied that the bond response of 
the longitudinal bars, both in beams and columns play a very important part in 
the shear behaviour of a joint. While bond stresses introduce shear to the 
joint they also activate the two shear resisting mechanisms, the contributions 
of which in turn depend on the relative magnitudes as well as variations of 
bond stresses. These relationships are reviewed further using the interior 
joint of a ductile frame (Fig.Z.l(b)) as an example. 
For convenience the external actions on and shear forces across the 
joint core are redrawn in Fig.2.6(a). It 
layer of bars in the top (Fig.2.6(b)) and 
the following discussions can be readily 
bars. Idealized changes in bar stresses 
formation of plastic hinges at the column 
(e) • 
is assumed that there is only one 
in the bottom of the beam. However 
extended to include any number of 
across the joint core during the 
faces are shown in Figs.2.6(c) to 
The bond condition of the top beam 
quantified by unit bond force, u1, assuming 
forces across the joint core, i.e. 
bar (Fig.2.6(b)) of area A is 
s 
a uniform distribution of bond 
Joint 
core 
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(a) Forces of Inferior Joint Core 
Beam bar =db 
diameter 
Column bars Concrete cover 
Unit bond 
force 
(b) ToR_ Beam Bars with Area A5 
-~ fs,'§ fy Steel stresses 
fs2< fy ~ 
111111111111111111111\11111 u1 = 71 ~cC52 Bond forces 
(c) When ICc2l > 0 , jCs2l < 1721 
~fs,=~ 
f~fy ~ 
1111111111111111111111111111 u2 =f{;-
(d) When I CS21 = 1711, Cc2May Be Zero 
..4fJ1I fs1= fy 
fsPfy~ I 
11111111111111111111111111 U3=~ I. h~ .I c 
(e) After Some Yield Penetration 
Fig.2.6 - Behaviour of a top beam bar with perfect bond across 
joint core during formation of plastic hinges 
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(2.4) 
where the forces T1 and cs 2 are tensile and compressive forces of the bar and 
h is the depth of the joint (column). An alternative and commonly used way 
c 
of expressing the bond condition, is in terms of the average bond stress, i.e. 
(2.5) 
where db is the bar diameter. In 
within a joint is not uniform 
reality the bond distribution around a bar 
[1]. However, acceptably simple models, 
incorporatin~ such complexities have yet to be developed for practical use 
[60]. 
During the initial stage of stressing to the attainment of ultimate 
flexural strengths of beam sections, the top bar stress at the right hand side 
of the column is fs 1 in tension while that at the left hand side is fs 2 in 
compression (Fig.2.6(b)). It can be easily shown [1] that while fsl will 
reach the yield strength fy of steel, the compression stress fs 2 will in 
general remain elastic, since the concrete compression force cc2 (Fig.2.6(a)) 
also contributes to the flexural compression strength. Assuming perfect bond 
in the core, the unit bond force (or shear flow) in this case is u1, in 
Fig.2.6(c), where the corresponding assumed longitudinal linear stress 
variation over the length h is also 
c 
steel stress, in the form of a curved 
figure. Similar conditions apply to 
irrespective of whether the beam 
shown. A more realistic variation of 
broken line, is also shown in the same 
the bottom beam bars with area A' 
s 
is symmetrically (i.e. A A') or 
s s 
unsymmetrically (i.e. A > A') reinforced. No inelastic strains are assumed s s 
to have occurred within the joint. 
A joint core under the conditions described above is classified as an 
elastic joint. Relevant quantities 
postulated shear resisting mechanisms 
shown qualitatively. The average bond 
over a reduced core depth 
side of the column is 
h' because 
c' 
considered to 
are redrawn in Fig.2.7. The two 
(Section 2.3.1) in such a joint are 
force is assessed to have developed 
the concrete cover at the right hand 
be ineffective in developing bond 
resistance because of cracking. It can be seen in Figs.2.7 (a) and (b) that a 
significant portion of the bond forces of the top and bottom bars must be 
Shear 
mechanism 
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Shear flow 
T, + Cs2 
h~ 
(a) Strut (b) Truss 
(Forces shown ore those transmitted 
to the concrete ) 
Tit c 
!ill I ._s21 
I By shear flow / 
lllllilllllllllllllllllllllllllllll:·:·:·:·:·:·:·l 
Vsh Vch 
. I Vc~, I 
( c J Components of Horizontal Forces 
Fig.2.7 -Bond and shear mechanisms in an elastic joint core 
cr2:........J~~~~ 
~ f....oAsfy 
Vcot 
(a} Steel Stresses 
~Aofy 
fs2~Aofy~ 
Yield I l 1' penetra~tion 1, 1 I I 1\oty 
f....o fy I 
I I 
(b}Bond~l Totruss 
To 
strut ~o 
Truss 
r,o Cf2 · 
.. I • I 
I ~Jh I 'fcot I 
1 By shear I 
r- flow ----j 
I liE I .. I 
Vsh Vch 
~h lf!Vch-o 
(c) Components of 
Horizontal Forces 
Fig.2.8 - Bond and shear mechanisms in an inelastic joint assuming 
perfect bond and strain hardening of beam bars 
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r -·/ •!)t' j'• ,'/ ( 
transmitted to the ~ore strut mechanism (shown shaded). Fig.2.7 also suggests 
that part of the flexural concrete compression force cc2 (see Fig.2.6(a)) is 
utilized to balance the shear force introduced from the column, V 1 , and the co 
remainder is transmitted to the diagonal strut in Fig.2.7(a). By comparing 
the relative magnitudes of the horizontal tension, compression and shear 
forces, for example along the top 
effectiveness of the two mechanisms 
of the joint, a reasonable estimate of the 
can be made (Fig.2.7(c)). Evidently the 
truss mechanism Vsh does not resist 
resistance provided by the strut 
considerable. Hence the demand for 
the entire 
mechanism 
joint shear vjh' 
vch is shown to 
The shear 
be 
joint reinforcement is moderate. 
very 
Since 
joint deformations depend essentially on the steel strains of the truss 
mechanism, it follows that joint deformations are small in this case. 
In a moderate earthquake, cyclic moment reversals will reduce the 
contribution of the concrete to flexural compression forces, such as cc2 
(Fig.2.6(a)) at the column faces. 
Consider moment cycles causing flexural cracks and subsequent 
concrete spalling at the upper left corner of the joint core (Fig.2.6(a)). In 
the subsequent cycle, the crack may not close. This will depend on the degree 
of the magnitude of ductility demand and also on the relative magnitudes of A 
s 
and A'. This has been briefly discussed in Section 2.3.1. If A is greater 
s s 
than A', then, even though the bottom bar yields in tension, the compression 
s 
force cs2 = T2 may not be large enough to cause the top cracks to close. Thus 
the compressive steel stress f 2 < (A'/A )f is less than yield. The moment s - s s y 
of resistance is thus provided by a steel couple. However when A' is greater 
s 
than A , the large tensile force in 
s 
to yield in compression and thus the 
the bottom bars should cause the top bars 
cracks should close. Hence the concrete 
compression force cc2 is not zero. A critical common case, to be considered, 
is that when f 2 = f as shown in Fig.2.6(d). The resulting unit bond force s y 
becomes u2 > u1. With the decrease in magnitude of cc2 the contribution of 
the strut mechanism in Fig.2.7(a) is reduced. Its magnitude is more 
appropriately shown in Fig.2.8. Consequently the contribution of the truss 
mechanism must increase in order to resist the same total joint shear. This 
should cause larger joint deformations to take place. A joint in such case is 
classified as being in transition to an inelastic joint. In Fig.2.6(e), yield 
penetration is considered when the bond resistance of the cover concrete at 
both sides of the column is destroyed. The average unit bond force u3 > u2 is 
assumed distributed over a reduced core depth h' as shown. A further 
c 
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reduction in the effectiveness of the strut mechanism is to be expected. 
Hence the contribution of the truss mechanism Vsh becomes more significant. 
The relative magnitude of Vsh is somewhere between that shown in Fig.2.7 for 
the elastic joint and that in Fig.2.8 for an inelastic joint to be discussed 
in the following paragraph. 
An important consideration of inelastic joints should include the 
strain hardening of the beam bars in tension, normally expected to take place 
under more severe earthquake actions. This is shown in Fig.2.8. The top beam 
bar is assumed to be subjected to a tensile stress of A f , where A is a 
0 y 0 
materials overstrength factor allowing for strain hardening and difference in 
material properties from those specified. In New Zealand, A varies from 1.40 
0 
for Grade 380 steel to 1.25 for Grade 275 steel [4]. The bar in compression 
at the left hand side of the joint is expected to develop a stress less than 
A
0
fy. The stress diagram in Fig.2.8(a) considers the worst case. As yield 
penetration into the joint core proceeds and is further aggravated by concrete 
disintegration due to spalling and crushing, the idealised linear stress 
variation is more realistically represented by the curved line. The average 
0 0 
bond is given by (T1 + C )/h' as illustrated in the figure. s2 c However, in 
conformity with the non-linear stress variations, the bond distribution is 
more likely as shown in Fig.2.8(b). It is seen that the contribution of the 
strut mechanism is further reduced. In the extreme case Vch is taken as zero. 
The entire joint shear is then resisted by the truss mechanism. It should be 
noted that a considerable portion of 
cs2 ' is required to equilibrate the 
mechanism too involves bond forces. 
the compression force in the beam ~ars 
column shear force V 1, and that this co 
Again the joint deformations depend on 
the extent of the deformations associated with the truss mechanism, in 
particular the tensile strains in the joint reinforcement. Since perfect bond 
is assumed, stresses and strains of the beam bars at the centre of the joint 
should be nearly zero. Also the total elongation of the beam bars over the 
distance h or h' should be negligible. 
c c 
The last paragraph summarises the basic assumption of the approach 
taken by the current New Zealand concrete code [4] on joint design. The aim 
when drafting these code provisions in 
column joint, such as shown in 
transmitted by beam bars, and 
adjacent beam plastic hinges 
Fig.2.8, 
thereby 
to be 
Moreover, this aim was motivated by 
the late 1970's was to enable a beam-
to sustain the very large bond forces, 
to enable the flexural overstrength of 
developed primarily by steel couples. 
the desire to fulfill the conditions 
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incorporated in the seismic provisions of most concrete codes [4,5], namely to 
ensure the development of adequate curvature ductility at sections of plastic 
hinges. These provisions stipulated that a minimum amount of flexural 
compression steel, typically p' ~ O.Sp, be used in plastic hinges, in order to 
reduce the depth of the flexural compression zone and thereby to increase 
curvature ductility capacity. The flexural compression reinforcement, to be 
effective, must thus be able to develop significant compression, ideally up to 
a stress of A f , as shown in Fig.2.8(a). Hence the intent of the New Zealand 
0 y 
code provisions was to enable joints to be developed that are capable of 
sustaining adjacent plastic hinges in beams or columns, the behaviour of which 
can be predicted by universally accepted and codified principles of flexural 
theory. If this cannot be achieved, code provisions to ensure adequate 
curvature ductility in plastic hinges become meaningless. 
When axial compression on a column is large (Fig.2.9), the code 
assumed that the strut mechanism can be enhanced, because the compression from 
the increased stress block in the column section enables larger bond forces 
from the beam bars to the strut to be introduced. Moreover it can be assumed 
that in this case some diagonal tensile stresses are possible in the joint 
core. As a consequence the load on the truss mechanism Vsh was assumed to be 
reduced. Hence less transverse reinforcement in the joint core would be 
required. 
The foregoing discussions assumed that 
longitudinal beam bars are thus well anchored 
perfect bond exists. The 
in the joint core so that 
maximum tensile and compressive forces can be assumed to develop at the column 
faces at the same time. Beam bar elongations are negligible because the 
difference in the tension and compression forces is small. 
In reality the bond between a beam bar and the core concrete is 
imperfect. Local bond-slip may take place [60]. Corresponding, somewhat 
idealized, bar stress and bond variations are shown in Fig.2.10, assuming 
small axial compression on the column. As the top beam bars slip in the joint 
core, flexural cracks at the upper left corner of the core close, thus 
activating the concrete compressive force cc2 and consequently reducing the 
steel compressive force CsZ' 
left half of the core. There 
Bond forces are seen to be concentrated in the 
is considerable elongation of the beam bar by 
virtue of the non-symmetrical stress distribution. This will cause "fixed end 
rotations" of beams at column faces, as reported by Bertero [25]. Frame 
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Fig.2.9 - Inelastic joint with large axial compression 
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Fig.2.10- Inelastic joint with imperfect bond along beam bars 
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flexibility is thus increased. However, there is the benefit of having the 
strut mechanism being re-mobilised. 
In the extreme case, when the bond breaks down, beam bars slip freely 
through the joint core. In that case they will be anchored in the adjacent 
beams. Corresponding bar stresses and bond variation is shown in Fig.2.11. 
As the force vectors suggest, the concrete compressive force C becomes very 
c 
large, thus further mobilising the strut mechanism. Both the shear input by 
bond and the resistance by truss mechanism diminish. Deformations of the 
joint core will be small. Yet because of very large elongations of the beam 
bars within the joint core (Fig.2.11) significant increase of frame 
flexibility will ensue. There will be no compression reinforcement in the 
beam at the column faces and crushing of the concrete in the beams at the 
column faces may occur. This behaviour does not comply with that of energy 
dissipation mechanisms expected in frames designed for ductile response. 
Large frame displacements, i.e. storey drifts, must be expected at the 
application of small lateral forces, till the large gaps, shown in Fig.2.11, 
close upon displacement reversal. 
The foregoing discussion of joint response suggests that to ensure a 
reasonable energy dissipation in ductile frames, adequate bond resistance 
within beam-column joints must be maintained. It is convenient to use the 
unit bond force u1 (Eq.2.4) or the average bond stress ub (Eq.2.5) as 
reference parameter to gauge the severity of bond conditions for design 
purposes. With reference to the stress conditions of Fig.2.6(d), the total 
force acting on the beam bar within the joint core is 2T 1 = 2A f = 2f Kdb
2/4. 
s y y 
This is assumed to be resisted by the summation of bond stresses over the 
bar's surface area, i.e. ubrrdbhc. 
as 
Thus the average bond stress is calculated 
(2.6a) 
In Japan, this parameter is referred to as the "bond index" [23]. 
The New Zealand concrete code [4] requirements for bond within an 
interior joint core are expressed in terms of bar diameter to column depth 
(i.e. db/he) ratios for two steel grades (see Appendix A). A more general 
expression could in fact be shown [18,27] to be 
(a) Steel Stresses 
fst< fy 
(b) Bond 
To strut 
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Fig.2.11 - Inelastic joint with bond failure of beam bars 
R 
db 
f h ~ 11 
y c 
35 
(2.7) 
and this will be used as a reference stress factor when comparing the bond 
performance of various test units. 
By applying Eq.2.6(a), it 
restriction on the bond stress to be 
follows that NZS 3101[4] implies a 
ub ~ 5.5 (MPa) 
When strain hardening of the beam bar is considered (Fig.2.8), Eq.(2.6a) can 
be rewritten as 
With the materials overstrength factor being in 
[4], it is seen that 
6.9 ~ ubo ~ 7.7 (MPa) 
(2.6b) 
the range 1.25 ~ A ~ 1.40 
0 
It can be shown that the bond stresses ub and ubo derived above 
exceed considerably the allowable stresses associated with the code 
requirements for development length [4,5]. It has been pointed out [27] that 
the limitation according to Eq.(2.7) represents a compromise with some bond 
deterioration during inelastic seismic response being tolerated. Based on the 
favourable test results obtained recently, Park and Dai [50] propose further 
relaxation to take into account the benefit of higher strength concrete by 
specifying 
where f' is the concrete compressive strength in MPa. This is restricted to 
c 
cases where f~ ~ 20 MPa. In Japan, Kitayama et al [23] suggest that ub should 
not exceed 1.6~. 
c 
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2.3.3 Review of Bond Strength Requirements 
The previous discussion pointed out that the current NZS 3101 
provisions[4] place rather severe limitations on usable bar diameters in beam-
column joints. At the expense of some loss in the quality of frame performance 
it appears that some relaxation of anchorage requirement in joints is 
justified. 
In Chapter 1, performance criteria for test specimens, with due 
considerations given also to practical situations, have been discussed. 
Against these criteria, three sets of results of tests recently conducted at 
the University of Canterbury by Beckingsale et al[39], Milburn and Park[29,61] 
and Dai and Park[49,50] are re-examined with special attention being paid to 
the bond conditions of beam bars. 
Using symmetrically reinforced beams, Beckingsale's Units B12 and B13 
had 019 beam bars of Grade 275 steel through a column depth of 475 mm. Hence 
the R factor (Eq.(2.7)) was 11.4. Measured compressive strengths of concrete 
cylinders were 34.6 MPa for Unit B12 and 31.4 MPa for Unit Bl3 at the time of 
testing. Strain hardening of the bars in tension commenced at a displacement 
ductility factor of M = 4 corresponding to an interstorey drift of 
approximately 2.4%. Complete bar slippage was recorded, however, at M = 6 at 
a drift of 3.7%. The maximum compressive stresses in the beam bars at column 
faces, estimated by conversion from measured strains, were at the yield level. 
This implied that the compression reinforcement participated efficiently as 
intended, but some concrete remained effective in compression. It appears 
that stress conditions similar to those depicted in Fig.2.10 prevailed. 
For beam-column assembly with unsymmetrically reinforced beams, the R 
factor of Beckingsale's Unit Bll was still l1.4. Concrete strength was 35.Y 
MPa. Slip failure of the bottom bar 0ccurred at ductility M = 6 at an 
interstorey drift exceeding 3.5%. As the area of the bottom reinforcement was 
only half of that of the top, the oottom bars were more severely strained. 
However, strain-hardening of beam bars appeared to have started only at a 
ductility of M = 4 (drift of 2.4%). The maximum stress of the bottom bars in 
compression did not exceed the yield level. 
Milburn's Unit 1 with R = 10.8 had beams symmetrically reinforced. 
Concrete compressive strength was 41.3 MPa. No bar slip failure was reported. 
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The report states that cracks at the beam sections under compression closed 
completely at a ductility of M = 2 at an interstorey drift of about 1.8%. 
Strain hardening of the bars in tension commenced at M = 4 at a drift of about 
3.5%. Some pinching in the load-displacement response curves was reportedly 
caused by the ''delayed crack closure in the compression region''· On the other 
hand, the decrease in the measured tensile strains was not large enough to 
subject the bar to strain hardening in compression. It is more likely that 
local bond-slip of the bars caused the cracks to close, resulting in 
conditions similar to those shown in Fig.2.10. 
Dai and Park tested four units with different beam reinforcement and 
R factors. Measured concrete strengths ranged from 36.2 MPa to 45.9 MPa. All 
four units gave satisfactory performance even though NZS 3101 requirements 
were not fully met. Significant slippage of bars was noted only at 
interstorey drifts exceeding 3%. However, it appears that even at lower 
displacement levels, some local bond.-slip of beam bars took place. Beam bars 
in compression did not appear to have reached strain-hardening. 
From the review of these selected test results, it is evident that 
the worst cases considered in NZS 3101[4], as described in Section 2.3.2, do 
not necessarily materialize in a building frame. This is particularly the 
case when practical limits on interstorey drifts are considered. 
Designers will aim at usi~~ reinforcing bars of larger size and 
lesser amounts of joint reinforcement to mitigate congestion of reinforcement 
in joints. there is thus a need to relax relevant code requirements if they 
prove to be unduly conserva~iu~. ·rh~ previous discussions suggest that 
perfect bond of bars anchored in joints is difficult to attain. However, some 
deterioration in bond performance in case 
to be acceptable. For this reason, 
of extreme seismic events, appears 
bond strength requirements are re-
considered in the following two separate cases. 
(a) Interior joint assemblies with symmetrically reinforced beams 
This case is shown in Fig.2.12(a). Equal areas of top and bottom 
reinforcement in the beams, i.e. A =A', are assumed. With concrete 
s s 
compressive forces existing, as represented by eel and cc2 in Fig.2.12(b), it 
follows from previous discussions that the maximum compressive stresses in the 
bars are not greater than the yield strength of the steel, f . When maximum y 
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stresses are attained in the top beam bar, the following equilibrium equation 
can be written to obtain the bond stress ubl' 
and hence with R given by Eq.(2.7) 
(1 + A ) 
o R 
4 
Expressions for the bottom beam bars are identical since db = db. 
(2.8) 
(b) Interior joint assemblies with unsymmetrically reinforced beams 
With unsymmetrically reinforced beam sections as shown in Fig.2.13, 
stress conditions are different from those in case (a). However, it is shown 
that the bottom beam bars are subjected to the same bond conditions shown in 
Fig.2.12 so that ub3 = ubl' While the large tensile force T1 in the top bars 
should cause the bottom bars to yield in compression and close the cracks, 
local bond-slip of the bottom bars could as well mobilise the concrete 
compression force eel at the same time and thus reduce the bar stresses. This 
hypothesis comes from the review of the test results presented in earlier 
paragraphs. Strain hardening of beam bars in compression was not recorded. 
It is therefore concluded that the maximum level of the compressive stress in 
this case is also f . y 
For the top bar, it is assumed that no concrete compression force is 
developed at the upper left corner of 
large enough to cause the top bar to 
the joint (Fig.2.13(b)) since T2 is not 
yield and hence to close the crack. The 
compression force cs 2 shown thus represents the worst possible case. The bond 
stress ub2 is as follows : 
and hence 
8 A A f + A A f 
s 0 y s 0 y 
A 
0 (1 + ~) ~ R (2.9) 
where 
A' 
s 
A 
s 
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The above two models will be re-examined in Chapter 8 in light of experimental 
findings. 
2.3.4 Evaluation of Strut Mechanism from Bond Distribution 
In Section 2.3.2 it was proposed 
inside an inelastic interior joint core 
internal compression forces 'at the column 
that local bond-slip of beam bars 
would re-distribute the horizontal 
faces (see Fig.2.10) and therefore 
re-mobilise the concrete strut mechanism to resist joint shear. Further in 
Section 2.3.3, a review of previous test results suggested that such re-
distribution and re-mobilisation would occur in practical situations. These 
phenomena would be accelerated if bond strenth requirements are relaxed as 
outlined in Section 2.3.3. Because of the inseparable interrelationship 
between bond and shear phenomena within a joint, a more comprehensive 
assessment of the likely contributions of bond performance to joint mechanisms 
is therefore presented in this section. The distribution of bond forces along 
a beam bar anchored within a joint will continually change as earthquake 
forces increase and the structure passes through stages of elastic response 
into the inelastic range, eventually approaching the state corresponding to 
the maximum ductility demand. It is impractical to describe bond phenomena 
corresponding with each stage of seismic response. For design purposes, by 
necessity a compromise must be made in describing a pattern of bond force 
distribution which is both realistic and reasonably conservative when applied 
in the assessment of joint shear strength. 
beam bar discussed in Section 2.3.2 but 
a relatively deep joint (column), 
value of R = f db/h << 11 (Eq.(2.7)). y c 
Fig. 2.14 refers to the same 
now considered being embedded in 
corresponding with a very small 
Although an unlikely case to arise 
disregarded. Moreover a study of such 
in normal construction, it cannot be 
case would give some insight to joint 
behaviour. 
Under simultaneous tension and compression forces on opposite sides 
of the joint of Fig.2.14(a), steel stresses and bond forces are distributed in 
assumed patterns shown by broken and full lines in Figs.2.14(b) and (c). 
Because the factor R is small, the development lengths required for tension 
(a) 
Diagonal 
cone ret 
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and compression, 2dt and 2dc as suggested by codes [4,5] and indicated in 
Fig.2.14(b), can be easily provided. At the attainment of bar overstrength 
A f , the development length might increase slightly. It is shown that h is 
0 y c 
much larger than the sum (2dt + 2dc) so that even with yield penetration 
caused by reversed cyclic actions, the strain and stress of the beam bar in 
the centre of the column remain zero. Thus it is possible that some strain 
hardening of the beam bar in compression can be approached, resulting in fsZ ~ 
A f . This very conservative assumption, shown in Fig.2.8, suggests then that 
0 y 
the contribution of the diagonal strut may become negligibly small. Probable 
distributions of bond forces are shown in Fig.2.14(c). 
Although not directly relevant to the consideration of bond 
mechanisms, it is necessary to 
mechanisms in beams using truss 
the plastic hinge of a beam is 
shown in Fig.2.14(a) should be 
recall a certain aspect of shear resisting 
analogy (1]. Since sliding shear failure in 
not desired, the vertical beam shear force Vb 
resisted primarily through the presence of 
horizontal concrete compression forces, for instance CcZ' This compression 
may be established when the beam deforms to achieve large plastic curvature, 
which enables concrete to resume contact between cracks above the top layer 
compression reinforcement. When a flexural concrete compression force cc2 is 
mobilized (Fig.2.14(a)) further increase of compression stresses in the top 
layer bars is not necessary. If the beam shear is relatively small, which is 
common when gravity load on a beam is significant, the concrete compression 
force Ccz in this case may be sufficient to enable the beam shear force to be 
transmitted by a mechanism as implied in Fig.2.15(a). However, when the beam 
shear Vb is large because seismic actions dominate, under large curvature 
ductility demand some sliding shear displacement occurs while compression 
forces are generated in the top bars (Fig.2.15(b)). Because of the previously 
imposed large residual tensile strains in these bars causing some spalling of 
the cover and bond deterioration over the yield zone, contact between 
previously formed crack faces below the top bars is established. As 
Fig.2.1S(b) suggests vertical shear from the beam to the joint may be 
transmitted while some cracks across the top beam bars may still be open. 
The mechanism hypothesised in Fig.2.15(a) is more efficient when the 
concrete cover and the beam width are large. In prototype construction 
concrete cover is normally in the range 30 to 40 mm. Cast in place floor 
slabs further ensure that a flange in compression is available to each beam. 
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As for the bottom part of the joint where the amount of bottom beam 
reinforcement is usually less than that at the top, conditions for developing 
the strut mechanism Vch are more favourable. The much larger top tension 
forces, say T1 in Fig.2.6, will easily close the bottom gap and introduce eel' 
Even when symmetrically reinforced beam is used, significant compression force 
eel is still likely to take place for the reasons just discussed. Hence it is 
concluded that this case needs not be considered further. 
From the discussions in this and earlier sections, it becomes evident 
that the compressive stress in a beam bar, shown as fsZ in Fig.2.14, must be 
value is f , the yield strength in y rather small. 
compression. 
The maximum possible 
A realistic situation in building construction is represented by a 
value of R ~ 11 (Eq.(2.7)). The bar stress distribution in a "realistic" 
joint core (Fig.2.16 (a)) is qualitatively shown in Fig.2.16(b). The total of 
the code-specified anchorage lengths, 2dt and 2dc shown in Fig.2.14(b), are 
likely to exceed the column depth h . To illustrate the mechanisms involved 
c 
in developing the anchorage of the beam bar which is being strained within the 
joint, detail '0' in Fig.2.16(a) sketches a rib at the centre line of the 
joint being displaced by over a gap of length x. This displacement results 
from some microcracking as well as crushing of the concrete surrounding the 
rib, thereby mobilising the "passive" bearing forces sustained by sound 
concrete behind the rib. The total anchorage force to be relied on is 
primarily the sum of these bearing forces over the anchorage length. 
Frictional resistance between the bar's surface area and the surrounding 
concrete can be ignored [1,60]. After force reversals and yield penetration 
into the joint core, there will be numerous gaps at the ribs throughout the 
joint. It can be expected that the gap length x at the centre will be the 
smallest. 
When the seismic actions are reversed to push and pull the bar of 
Fig.2.16(a) to the left-hand side, even a relatively small force will be able 
to move the bar to the left by a distance x without significant resistance 
being experienced. This rigid-body movement of the beam bar over the distance 
x is the "local bond-slip" referred to in this report. Only after this 
movement x has taken place can bond start to develop with the rib of 
Fig.2.16(a) bearing against the left surface of the gap. As the applied 
forces increase, and bond in other regions of the joint deteriorate the gap 
(o) Tof2.J2art of joint core 
( b J Steel stresses 
( c I Bond forces 
(e) 'Realistic ' 
bond 
forces 
To strut 
mechanism 
( flTc) 
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''x" should become larger. Therefore cyclic inelastic reversed loading of the 
beam bar can be expected to increase the slip progressively. 
In a typical inelastic interior joint, such as the one of Fig.2.16, 
both the "local bond-slip'' and the development of concrete ~ompression forces 
at column faces via the mechanisms illustrated in Fig.2.15 can take place. 
These two actions ensure that the horizontal concrete compression CcZ is 
significant and accordingly the compressive steel stress fsZ is reduced to 
less than f . These conclusions imply that the traditional assumption of y 
flexural section analyses, whereby strains in each fibre are the same for both 
the steel and the concrete, is grossly violated at the beam-column interface. 
A possible distribution of unit 
(Fig.2.16(a)) is suggested by the solid 
bond forces within the joint core 
curved line in Fig.2.16(c). This 
distribution is the same as that shown in Fig.2.10. A simplified 
distribution is denoted by the sloping dashed straight lin~ in Fig.2.16(c). 
The other extreme is a uniform variation represented by the horizontal broken 
1 
line. The latter case is the same as the unit bond force defined by Eq.(2.2). 
Yield penetration and bond deterioration of beam bars as a result of 
inelastic cyclic response are inevitable. Hence it is prudent to ignore the 
anchorage provided by the cover concrete at either face of the joint. The 
effective column depth, assumed lying between the centres of the outermost 
layers of column bars, is typically 0.8 h (Fig.2.16(a)). A realistic steel 
c 
stress distribution of Fig.2.16(b) is simulated with the pattern suggested by 
the curved line in Fig.2.16(d), with the corresponding bond distribution 
represented by the solid curved line in Fig.2.16(e). A coefficient v ~ 1.0 is 
introduced to recognize that f 2 does not exceed f . The steel stress s y 
distribution is further simplified by assuming linear variation over a length 
of 0.4 h inside the joint core, as indicated by the dashed straight line in 
c 
Fig.2.16(d). The resulting bond distribution, considered to be conservative 
for the purpose of estimating joint she~r strength, is shown by the two dashed 
lines in Fig.2.16(e). 
Adopting the assumed bi-linear bond distribution of Fig.2.16(e) for 
the joint core, the effective unit bond force u', and the anchorage force UX 
0 c 
introduced to the diagonal concrete strut over an assumed effective depth of 
O.Bc in recognition of yield penetration, can be derived as 
and 61' 
c 
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(2.10) 
(2.11) 
By considering equilibrium of the horizontal forces in Fig.2.16(a), the shear 
resistance provided by the concrete strut mechanism is now estimated as 
c 2 + 61' - v l c c co (2.12) 
It is necessary to determine c in Eq.(2.11) before 61' can be found. 
c 
While a column is usually proportioned on the basis of its ultimate strength, 
the capacity design procedure [1,6] effectively ensures that the columns above 
and below a floor behave elastically. Using traditional elastic stress 
analysis of cracked sections [62] it is found that, depending on the column 
reinforcement ratio pt' the minimum practical values of the neutral axis depth 
c for sections with peripheral distribution of flexural reinforcement range 
between 0.25 h and 0.35 h . Incorporating the beneficial effect of axial 
c c 
compression load on interior columns, it is therefore proposed that c be 
estimated by 
c 
h 
c 
O.SP 
e 
0.25 + f' A 
c g 
(2.13) 
where P is the minimum design compression load on a column and A is the 
e g 
gross sectional area. Eq.(2.13) and Eq.(2.11) intentionally underestimate the 
value of 61' . Hence the final results can be generalised for applications in 
c 
design. The influence on shear strengths of joints will be assessed in 
Chapter 8 after a study of the experimental results in this project. 
2.4 CONFINEMENT AT JOINTS 
As mentioned in Section 1.4, the ACI code provisions [5,28] emphasise 
the need for confinement of joint cores by framing beams and transverse joint 
reinforcement. In the review presented in Section 2.3, this aspect has not 
been considered. The following sections attempt to assess the relevance ot 
confinement action to joint core behaviour. For this purpose some of the 
perceived fundamental principles of mechanisms of concrete confinement are 
restated. 
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2. 4.1 Confinement of Linear Members by Transverse Reinforcement 
The traditional role of transverse reinforcement, particularly in 
compression members, is to provide significant passive lateral pressure to the 
confined core when ductility demands arise. This pressure is mobilized by 
Poisson effects and is transverse to the applied external load. Confinement 
so achieved may then result in two very desirable features of the inelastic 
response of concrete[!]. Firstly, it can convert the relatively brittle 
material to a ductile one. Secondly, it may enhance compression strength so 
that, for example, the loss of the contribution to resistance of spalled 
concrete outside a confined core may be more than compensated for within the 
core. While the need for confinement of the end region of a column, subjected 
to axial compression and bending, often exists above or below a joint of a 
ductile frame, inelastic concrete compression strains due to these actions do 
not arise within a joint core. This is because under seismic actions, 
particularly when plastic hinges develop in beams on both faces of the column, 
the sense of either column or beam bending moments changes inside the joint 
core. For illustration, idealised moment patterns in a linear model 
structure, and realistic moment variations in a real structure with beam and 
column depths taken into consideration, are shown and compared in Fig.2.17. It 
is evident that moments within the joint will always be less critical. Hence 
the need to confine a joint core to the same extent as an adjacent potential 
plastic hinge region of a column does not appear to be justified. 
Nevertheless, as a conservative measure, this practice has been in use also in 
New Zealand [4] by specifying a minimum amount of reinforcement according to 
the confinement provisions. 
There are many situations when the integrity of the concrete, 
subjected to tensile strains in one or several directions, is to be preserved. 
One of these is the restriction on diagonal splitting cracks, which may 
develop in the non-prismatic diagonal strut within the joint. Usually 
empirical or nominal amounts of reinforcement, often called basketing 
reinforcement, are used for this purpose. However, such reinforcement can 
seldom be associated with mechanisms of confinement. 
A particular feature of transverse reinforcement in terms of the 
mechanism of confinement, briefly reviewed here, is that it does not resist 
any quantifiable external action. Its contribution to the inelastic response 
of concrete depends only on the imposed compression strain due to external 
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actions, such as bending moment and axial compression applied to a column, and 
on the volume of compressed concrete so affected and hence to be confined. 
2.4.2 Confinement of Joint Cores by Beams 
The degree of joint 
studied with the aid of the 
confinement afforded by adjacent beams may be 
example joint in Section 2.3 which has already 
been discussed in some detail. For an inelastic joint in which the beam bars 
function with perfect bond (Fig.2.8), cyclic moment reversals will gradually 
reduce the horizontal concrete compressive forces at the vertical faces of the 
column. It has been suggested in Section 2.3.2 that these forces may become 
ineffective in developing the strut mechanism of shear resistance. Thus the 
possibility of any significant horizontal confinement can be ignored. 
Even when horizontal compression exists such as in an elastic joint 
(Fig.2.7) or an inelastic joint. with imperfect bond along beam bars 
(Fig.2.10), no confinement of the core concrete, in terms of the previously 
stated definition, will arise. In fact for the inelastic joint (Fig.2.10), as 
a consequence of steel stresses and corresponding strain variations along the 
beam bars, the joint depth must increase. The beam bars tend to stretch the 
joint horizontally. 
In the extreme case of a 
anchorage as indicated in Fig.2.11, 
entire embedded length of the bars. 
near complete breakdown of beam bar 
tensile stresses will prevail over the 
As seen in Fig.2.11 very large concrete 
compression force C is generated. This may then be viewed as significant 
c 
confinement of the joint core afforded by adjacent beams. Indeed the concrete 
in the cores of such joints is usually not in distress. The likelihood of a 
shear failure along a diagonal tension failure plane is greatly diminished. 
However, the significant elongation of the beam bars and the associated slip 
will result in extremely poor hysteretic response. Such joints are not 
desired in ductile frames. 
It may be argued that transverse beams improve the confinement around 
a joint core. However, the effects of diagonal earthquake attack on a 
structure need to be considered. Accordingly, it is to be expected that 
adverse stress conditions occur simultaneously in both principal directions of 
a two-way frame. Joint conditions in terms of confinement must be worse in 
such joints than in joints of one-way frames, unless bond failure of beam bars 
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within the joint cores, implied in Fig.2.11, is considered to be acceptable. 
2.4.3 Confinement of Joint Cores by Transverse Reinforcement 
As stated earlier, concrete compression stresses in the joint core, 
also part of a column, are seldom, if ever, critical. As seen in Fig.2.17 
typically column bending moments at the level of the centre of joint are 
negligibly small. Poisson effects due to inelastic flexural actions do not 
arise. Hence significant confining stresses in horizontal ties or hoops are 
not mobilized. 
Yet it may be claimed that the joint core is confined because the 
transverse reinforcement, anchored at the boundaries of the joint, is often 
highly stressed and it may even yield. The confining pressure so developed 
is, however, primarily associated with the mechanism of shear, as shown in 
Fig.l.7(b) and Fig.2.4(d), rather than with Poisson effects. If beam and 
column bars are efficiently anchored in the joint core, large shear forces, 
introduced at the four edges of the joint core necessitating the development 
of the diagonal compression field shown in Fig.2.3, are introduced to the 
diagonally cracked concrete (see also Fig.2.8). If bond transfer is poor, as 
Fig.2.11 indicates, only insignificant shear forces at the boundaries of the 
joint will be developed and hence only small shear deformations (Fig.2.3) will 
result. These deformations will not mobilize the tensil~ strength of 
transverse reinforcement that may have been provided. Thus it is suggested 
that the primary and indeed predominant role of transverse reinforcement in a 
joint core is its contribution to shear strength rather than to a confining 
mechanism. 
2.4.4 Confinement of Joints by Floor Slabs 
The mechanism of slab contribution, adjacent to a joint, in terms of 
flange action of beams, is examined in considerable detail in Chapter 7. 
However, test results suggest that after significant inelastic displacement 
excursions, there will be very little, if any, physical contact between the 
concrete in the joint core and that in the slab which surrounds it. When 
during a seismic attack, compression stresses are introduced to the joint core 
by a slab, acting as a compression flange, this can occur only on one side of 
the column. On the opposite side of the column, the slab having full depth 
cracks is clearly in tension. Thus at the level of a floor slab no 
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confinement of the joint core can be expected when ductile response controls 
frame behaviour. 
2.4.5 Trends in the Demand for Transverse Reinforcement in Columns 
(a) Shear reinforcement 
It is generally accepted that in the potential plastic hinge regions 
of beams or columns without axial load, the entire shear resistance should be 
assigned to transverse (web) reinforcement. However, as axial compression 
load on a column is increasing, concrete shear mechanisms, other than the 
traditional truss, are also mobilized. When the design for shear is based on 
a diagonal compression field [55], the demand for transverse reinforcement can 
be readily shown to be reduced because of the reduced inclination of diagonal 
struts with respect to the member axis. Thus, as Fig.2.18(b) shows 
qualitatively, for a given shear, as measured by shear stress vi' the demand 
for transverse (shear) reinforcement in the example column of Fig.2.18(a) 
reduces as the axial compression load increases [ 27 1 • 
(b) Confining reinforcement 
When no or very small axial load is present, little confinement of 
the compressed concrete in the plastic hinge of a column is required, even 
when large curvature ductilities are to be developed. However, as the axial 
compression load, and hence the depth of the flexural compression zone, 
increase, confinement of the compressed concrete, to enhance its strain 
capacity, is of great importance. The general trend according to a recent 
study by Soesianawati and Park [63] for a range of curvature ductility demands 
is shown in Fig.2.18(b). The important task of providing effective lateral 
support to compressed bars in columns, will require considerable amounts of 
transverse reinforcement in the end regions of columns. This is often the 
controlling requirement, not shown in Fig.2.18 1 when axial compression loads 
on the column are relatively small. 
(c) Relevance to joint cores 
If it is accepted that, apart from 
' 
resistance is the most important aspect of 
corresponding demand for transverse reinforcement, 
anchorage criteria, shear 
joint design, then the 
as shown in Fig.2.18(b) is 
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relevant. This means that the largest demand for shear reinforcement arises 
when axial load on the column, and hence on the joint core, is small. 
Confining requirements clearly show a reverse trend. Only for column 
axial loads of moderate intensity might shear and confining requirements in a 
column lead to similar demands for transverse reinforcement. It must be 
recalled, however, that the need for confining reinforcement, shown in 
Fig.2.18(b) arises in columns outside the joint and not within the joint. On 
the other hand, the shear stress intensities implied in Fig.2.18(b) are those 
typical in beam-column joints rather than outside of it. 
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CHAPTER 3 
TEST PROGRAMME 
3.1 INTRODUCTION 
As reported in Section 1.6, three full-scale reinforced concrete 
beam-column joint assemblies with floor slabs were designed in compliance with 
the current New Zealand concrete code [4] and tested under simulated 
earthquake loading. The structural dimensions and loading history followed 
the guidelines of the collaborative research project. Each of the three 
assemblies tested represented typical joint in three-dimensional building 
frames. The three assemblies were as follows : 
Unit 1D-I 
Unit 2D-I 
Unit 2D-E 
Interior beam-~olumn-slab joint of a one-way frame. 
Interior beam-column-slab joint of a two-way frame. 
Exterior beam-column-slab joint of a two-way frame. 
The aim of the tests was to examine the behaviour of the test 
assemblies under the simulated effects of a major earthquake so as to assess 
the structural adequacy in terms of the performance criteria described in 
Chapter 1. In particular, the effects of bidirectional loading and of the 
presence of transverse beams and floor slabs were to be investigated. 
3.2 TEST UNITS 
Details of the three Units, as constructed, are shown in Figs. 3.1 to 
3.3. The Units were to simulat2 full-scale joint assemblies in Erames of 3.5 
metres storey height. The beam shear span provided in the Units was only 
about two-thirds of the distance to the midspan of an assumed prototype which 
had a beam span of 6 m. Also, the cantilever span of the one-way slab of Unit 
lD-I, which modelled the topping slab of a ribbed floor system, was slightly 
· less than one-third of an assumed prototype which had a 6 m span between two 
frames. The seismic load simulation is not considered to have been affected 
by these small changes. More significant effects, however, could have been 
due to the reduction in slab width participating as a beam flange. Because of 
this reduction some 010 slab bars parallel to but away from the beams of each 
54 
N 
t 
1-
3662 ~-1 
ey 
600 <.o 
- H 
8 --- c:>r_=r?J]------
---tB - ·------'l;t 
"' 'l;t
(Q 
-
-
UNIT 10-1 PLAN 
4055 3695 
1725 1730 1572 1573 
~-----+~~--~ Q 
~ 
a 
a 
a 
tB tO Cl'") 
1.4) 
"' 'l;t 
-
I 
SECTION 2-2 a 1.() SECTION 1-1 
-NOTES:-
/. Specified concrete 
strength at 28 days 
to be 30 fvfPa 
2_ Concrete cover to main 
reinforcement of beams 
and columns to be 40mm 
3. Grades of reinforcing bars to be as 
foffows: R = Grade 275 round bars· 
0 = Grade 275 deformed bars 
HD = Grade 380 deformed bars 
(a) GENERAL ARRANGEMENT OF TEST UNIT 10-I 
Fig.3.1 -Details of Unit 10-I 
375 
400 
12mm 
thick 
plate -
55 
5 I 30 
Reinforcement 
the same as on 
opposite side 
\"------
4-024 _/ c /•020 
/~§L ~:§? ~ 
(24mm dia. 
-:lli 
S? Q:::Vl<::l 
threaded rods f>)s-::: 
~:t: ® 
<::>- r--
~ 
'- '--lu NIT 1D·II <::lVJ<::l ~g.~ 
~~® 
8f~ 
600 
---
1-· 
·- ..... 1-· 
f-- :---
5I; 
-
.. .. 
--=.-::. = F I>) ( 
12mm 
thick plate 
1532 
I 
1-
~ 
10- RIO st1rrups <o 
(4 legs)® 120 240 l&J 
1080 240 
~ 
-
<::> 
-~ 
2-024 •2-020 Y. RIO 
Outer ~ stirrups 
formed by 
buff-welding 
'--4-HD24 
"' 
"' 2- H020 <o 
-
146 0 D. 0271. 0) 
x 9.5 mm thick 
~ sleeve tube 
350 EAST- WEST ELEVATION 
SECTION 3-3 
( b J REINFORCING DETAILS 6.]0 
(4 sets each J 
(A II ;oint hoops to be 
formed by welding J 
COLUMN JOINT 
(c) COLUMN & JOINT DETAILS 
Fig.3.1 -Details of Unit lD-I (continued) 
1639 
56 
I 
I 
I 
I 
N 
t 
-----M---------~----
I 
! -i 
UNIT 20-1 PLAN ~ 
4052 
1729 600 1723 
SECTION 1-1 
NOTES: 1. Specified concrete strength 
at 28 do ys to be 30 MPa 
4064 
1730 600 1734 
I 
SECTION 2-2 
3. Grades of reinforcing to 
be as follows: 
2. Unless otherwise noted 
concrete cover to main 
reinforcement to be as follows: 
40mm for beams & columns 
20mm for slabs 
R : Grade 275 round bars 
0 = Grade 275 deformed bars 
HO = Grade 380 deformed bars 
(a J GENERAL ARRANGEMENT OF TEST UNIT 20-I 
Fig.3.2 - Details of Unit 20-I 
R 16 .?-----'Hl 
( 4 sets each ...... '-'-'---"L1ru-....I..I-'-
AII joint hoops to be 
formed by welding J 
600 
I.Omm cover 
to main bars COLUMN 
57 
1539 I 600 I 1537 
- -= 
1=, ~· ~' 
Reinforcement 
the same as on 
opposite side ~ 
r50 
II -RIO stirrups 
( 4 legs) ICb 115:1150 180 150 
4-024 
\ 2-020\ J 71 
/4-3RI6c II 
0 
hoaps 
(!) 90 
12mm ") 6 ~ \ .1J v !hick plate "JC)- 2-024 + 2-020 Q:Ci'a 
24mm dia. "1!3 RIO outer 
threaded ~8 stirrups 
rod .c::: ,-- formed by ~ 
"' 
to- 4-H028 bu/1-weldtng 
C)~ 
,___ 
2-H028 
-® I UNIT 2D·tl 1~ 1460.0. (12710) 
"1E I- •= V x 9.5mm thick 
"~ - - steeve tube 
~ 
"' EAST- WEST ELEVATION 
1640/2: 820 
440 
4-024 
\' ~~ g <o - lra/O'iil/60 f10 dl 160 . I (010 al 320 
~ 
r-4, ; 
r= rf Jjl j) _r-rdiO'al2~0 Ol~'ii)24~ 020- OIO'al480 ~~ 
;:::, 
240 I 240 240 .... 480 
r--RIO~ I 1040 
if L__ 
oJI 
" 
4-024 ~ 
2 020 . 2 024 
1 400 I 
Reinforcement for 
north- south beam & slab 
SECTION 2-2 
Reinforcement far 
east- west beam only_ 
SECTION 1-1 
2-020 . 1. 400 
240 I 240 
0/0'a)/60 
\ft l 
(c) COLUMN AND JOINT DETAILS (b) REINFORCING DETAILS 
Fig.3.2 - Details of Unit 2D-I (continued) 
"' 
"' ~
Q 
"' 
"' 
"' 
"' <o 
I 
/50 
58 
2013 
400 
~c ~ 
N 300 1663 ~ (0 
t 550 ~c ---- a a ~ ---- ~ cY) 
(0 
~ i~ -~ UNIT 2D·E PLAN 
t 2025 4052 
550 I 1750 1773. 500 1779 
I a 
l() 
-
.......... ![~ ~ 
~ I 
8~ "<;t I East f - South a li~ I}~ a II II l() cY) ~ ~ 
' "<;t 
-~--~ 
a 
I l() 
-SECTION 2-2 SECTION 1-1 
NOTES: 
I. Specified concrete strength 
at 28 days to be 30 fv!Pa 
2. Unless otherwise noted concrete 3. Grode of reinforcing bars 
cover to main reinforcement to be as follows : 
to be as follows: R - Grade 275 round bars 
40mm for beams & columns D =Grade 275 deformed tx:rs 
20 mm for slabs HD = Grade 380 deformed bars 
(a) GENERAL ARRANGEMENT OF TEST l.JVIT 20-E 
I 
Fig.3.3 - Details of Unit 20-E 
~ 
"' 
-
59 
1575 500 1584 
I I 
h 
_/1450D (1271D) I-< x 9.5 mm thick 
sleeve tube 
Reinforcement 
!DID ·RID s/frrups 
the same as on oppostle 
Sf de ~LJ c.., ;;; (4/egsJrJ! 120: IDBD 45D :'? 3-D20 ( ,3-D20 
I R12& R/6 { "' 
" 
f joint hoops "' ~~~ '3-D20 v 12mm ( 3-D20 } 
thick plate <O.g® RIO outer 
a f------ stirrups, 
24mm dfa. ~ bull welded 
threaded rod g--' r- C) 4·H028 ~ Ql'\j Ci:® 
550 '7§. 2 -HD28 I uNIT 2D-EI .., Q ~ f-- lr ~ 300 
SECTION J-3 
3 sets of R/2 & R/6 hoops 
4 sels of R/6 hoops 
I oil buff. welded) 
1 I .;~1(024 
lf l 
~:r IK '..ll ... l.J: \ e!:::=: l c.. c.. ,., -i?o rr==;; "' :::: ~9-
,.,,., ... I 1=-
I 'J L J 
550 
n 
2-020 ~! ~ 
~ 
I ,j, 
40 ~5 
~~~2-0 
'1 ..., &2-0 
Column 11 
24 
20 
bars ~ 
"' 
I'-' 
(bl NORTH-SOUTH ELEVATION 
1020; 510 2' 
2-024 400 
2-02\ 
i 140 
REINFORCEMENT FOR NORTH-SOUTH 
BEAM 8 SLAB 
SECTION 2-2 
I 
1040 
I I 
260 260 260 260 260 
I lroloT~ 60 T T I 010® 320) 
f34 
I 
EAST-WEST ELEVATION 
(c) BEAM-COLUMN JOINT DETAIL f~ ~- T \D!Oal4i0 t010®240 480 24o I 24o I '-'oJ0®240 I ,j 240 240 I 240 1so RID i-l 1040 T ~P+I~ 
!2·0~~-0241 REINFORCEMENT FOR EAST BEAM 8 SLA 
SECTION 1-1 
I -, 
(b) REINFORCING DETAILS 
Fig.3.3 - Details of Unit 20-E (continued) 
B 
60 
Unit, which would have been placed in the larger prototype structure, had to 
be omitted. The action of this slab reinforcement, as possible tension 
reinforcement of the beams, was therefore not fully modelled. Apart from this 
omission, the layout of the slab reinforcement in each test assembly followed 
closely that of prototype 
were used for the slab 
construction. For Unit lD-I (Fig.3.1), Dl6 bars 
transverse reinforcement so as to model the top 
flexural reinforcement of a ribbed one-way floor. 
two layers in order to safeguard against a 
longitudinal beams from the slab. 
These bars were placed in 
possible separation of the 
The reinforcing details are shown in Figs. 3.1, 3.2 and 3.3, and the 
main reinforcement ratios are summarised in Table 3.1. Further details of 
slab bar arrangements can be seen in Figs.3.14 to 3.16 which show the 
positions of strain gauges. Design calculations for the three Units in 
accordance with NZS 3101 [4] and based on specified material properties are 
given in Appendices B.1, C.1 and D.l~ 
In the joint core of each test assembly, reinforcement was placed to 
resist the total design horizontal shear forces acting across the joint core, 
as is required by the New Zealand concrete design code [4] when the axial load 
level on the columns is less than 0.1f'A . Thus a considerable quantity of 
c g 
horizontal hoops was necessary in each joint core. A smaller amount of 
transverse reinforcement would be required in the joint core if the ACI 
building code [5] was followed. The New Zealand code requirement is based on 
previous observations [39] that, when the axial load on the column is low, at 
large inelastic cyclic displacements the shear resistance provided by the 
diagonal concrete compression strut across the joint core diminishes, while 
that by a truss mechanism formed by the joint core reinforcement becomes 
dominant. When the axial column load is large this degradation of the 
diagonal compression strut mechanism is not so marked. To examine the worst 
case of joint core behaviour, no axial compression was applied to the upper 
columns of the test assemblies. 
Initially all beams were designed to be of equal measured length from 
the centre of each Unit. After concreting and placing in position of the load 
transfer plates and pins, the shear span of the beams were found to be 
slightly different (Figs.3.1 to 3.3). During the test, the beam end-
displacements were adjusted so as to achieve equal rotations for the two 
beams, as shown in Fig.1.4(b). 
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Table 3.1 -Summary of reinforcement ratios of test units 
Unit 10-I 20-I 20-E 
Slab( I) Thickness IOOmm 130 mm 130 mm 
top 0.377% 0. 232% 
Ell 0.224% 
bottom 0.252% 0.252% 
top 0.447% o. 377% 
NS (Same as Ell) 
bottom 0.223% 0.252% 
Size 400 mm x 550 mm 400 mm x 550 mm 400 mm x 550 mm 
East/llest 
Beam Top (2-010 slab bars included) (8-010 slab bars included) (2-DIO slab bars included) 
1.34% I. 58% . I. 34% 
Bottom o. 77'1. o. 77% o. 77% 
Size None 400 X 575 mm 300 X 575 mm 
North/South 
Beam Top (8-010 slab bars included) (4-010 slab bars included) 
None 1.57'1. 1.30% 
Bot tom None 0.73% 1.03% 
Column Size 600 (Ell) X 550 (NS) mm 600 X 600 mm 550 (Ell) x 500 (NS) mm 
1.48'1. 2.05% 2.69% 
Joint( 2) I f, \I (Ell & NS) (Ell) 1. 25% 
1. 62'1. 1.1.62% (NS) 1. 66% 
() I. o 
Notes (I) Re1nforcement rat1o of slab is expresseed in terms of gross concrete area. 
(2) Reinforcement to resist vertical joint shear forces is provided by the intermediate longitudinal 
bars of the column. 
(3) Notation : 010 = Grade 275 deformed bar of 10 mm diameter 
Table 3.2 - Summary of ratios of bar diameter to beam or column depth of test units 
Unit 10-I 2D-I 2D-E 
Beam (Grade 275 steel) North/South East 
Max. bar dia., db 24 mm 20 mm Anchorage length of 
Column depth, h 600 mm (identical 500 mm hook exceeded code 
dc/h 1/25 to 10-I) 1/25 specified development 
NZS 3101 limit b c 1/25 1/25 length 
Column (Grade 380 steel) 
Max. bar dia., db 24 mm 28 mm 
Beam depth, hb 550 mm 550 mm (identical to 2D-I) 
db/hb 1/22.9 1/19.6 
NZS 3101 limit 1/20 1/20 
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When constructing each Unit, the column and"beam reinforcing cages 
were first fabricated on the floor and then lifted into the vertical testing 
position with the column pins in place. After the timber formwork has been 
erected, slab bars were fixed. Concrete was placed in two pours, a 
construction joint being made across the column section at the top of the 
slab. The second pour was carried out about a week after the first one. The 
concrete of the slab was cured by covering with damp hessian sacks for seven 
days. Upon removal of the formwork the concrete surface was inspected. The 
whole test unit was then given a coat of flat white paint to facilitate 
observation of cracking. Figures 3.4(a) to (c) show the Units under 
construction and Figs.3.5(a) to (c) show the test set-up at the end of the 
three tests. 
follows 
1. 
Other important features of the design of the Units are summarised as 
The longitudinal reinforcement 
(east beam only in Unit 2D-E) 
in the webs of all east-west beams 
were kept identical. This enabled a 
direct comparison of the behaviour of exterior and interior joints. 
2. The ratios of the diameter of the longitudinal bars to beam or column 
depth are listed in Table 3.2. They satisfied the current New 
Zealand code requirements [4] for ductile detailing. 
3. In estimating the design shear forces applied to the beams and 
columns of a Unit, it was assumed that all the longitudinal beam and 
effective slab bars in tension were stressed to 1.25 times the 
specified yield strength of the steel (that is, to 1.25 x 275 MPa in 
this test series). With the use of these enhanced beam flexural 
strengths, it was the intention to eliminate flexural failure in the 
columns and shear failure to ~he beams and columns. Generally, the 
quantity of transverse reinforcement in the beams and columns was 
governed by limitations on the maximum tie spacing for concrete 
confinement and stability of compression reinforcement. 
4. The design actions on the columns 
flexural overstrengths just mentioned, 
magnification factor, w. The test 
were estimated from the beam 
and supplemented by a dynamic 
units are representatives of 
(a) Column-beam reinforcing cages in 
position, with beam formwork partictJ.Jy 
erected (Unit lD-I) 
(b) Column-beam reinforcing cagt! in 
position with formwork to be erected 
(Unit 2D-I) 
(c) Slab reinforcement and formwork 
completed, ready for first concrete 
pour (Unit 2D-E) 
Fig.3.4 - Beam-column joint test 
assemblies under construction 
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(a) View from north-east at completion of 
test (Unit lD-I) 
(b) View from north-west at the end of 
cycle 18, having attained a ductility 
of eight in both north-south and east-
west directions (Unit 20-I) 
(c) View from north-west at the end of 
cycle 16, having attained a ductility 
of eleven in both north-south and 
east-west directions (Unit 2D-E) 
Fig.3.5- Test set-up of beam-column joint 
assemblies 
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members near the top of a multi-storey building where gravity induced 
axial loads on columns are rather small, but then the dynamic attack 
due to the higher modes of vibration may be more significant [4]. In 
a medium rise ductile frame, the recommended values of w would be of 
the order of 1.6 for one-way frames and 1.7 for two-way frames. In 
this test series, however, the minimum values were adopted, resulting 
in w = 1.3 for Unit 1D-I and w = 1.5 for Units 20-I and 2D-E. Thus 
when the code [6] design earthquake moment derived for a column is 
Meade' the final design column moment Mcol becomes [4] 
M 1 = wcf> M code - 0.3 hb Vcol ( 3. 1) co 0 
where c/>0 overstrength factor = 1.25/0.9 = 1.39 
hb depth of beam 
v col = column design shear force 
Eq.(3.1) provides for adjustment to translate centre-line moments to 
those at the critical sections (i.e. beam top or soffit). 
The design calculations in Appendices B.l, C.l and 0.1 are those 
generally used in routine design of prototype structures in New 
Zealand. To highlight the ·principles of the capacity design 
procedure [ 41 ' the resulting provided flexural strengths of the 
columns, shown as Mci 
strengths when flexural 
in Table 3.3, are compared to the required 
plastic hinges form in the framing beams. 
All strengths were estimated according to the ACI stress block method 
[5) as explained in Section 3.8, on the basis of specified material 
properties and taking the strength reduction factor cf> = 1.0. In 
Table 3.3, the columns moments (1) to (3) are referred to those at 
the top and soffit of the beams. 
beam moments at a joint, a space 
When column moments are compared to 
ratio r needs to be introduced to 
s 
take into account the physical dimensions of the joint core. In Table 
3.3, however, the ratios M i/Md and c es M i/M are identical to those c max 
referred to the extrapolated moments at a nodal point which is the 
centre of a joint. A space ratio is therefore not needed. The 
consequent moment ratios listed in Table 3.3 are comparable to the 
enhancement coefficient 1.25w, with the values of was suggested in 
the last paragraph. 
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Table 3.3 - Comparison of design and provided flexural strengths of 
columns on the basis of specified material properties 
10-I 20-I 20-E 
Unit 
EW EW NS EW NS 
(1) M (kNm) 274.1 306.1 321.0 157.5 230.8 des 
(2) M (kNm) 383.1 
max 
468.6 486.0 255.9 325.7 
(3) Mci (kNm) 474.7 700.4 700.4 626.9 560.3 
Mci 
--M des 
Mci 
M 
max 
Notes (1) 
(2) 
(3) 
(4) 
1. 73 2.29 2.18 3.98 2.43 
1. 24 1.49 1.44 2.45 1. 72 
Md is the column moment when the positive and negative 
fi~~ural plastic hinges form in the beams, with the 
effective tension flange width of the beam as assumed by 
the New Zealand code NZS 3101:1982 and tensile steel 
stress f = 275 MPa. 
M is ¥he maximum column moment when all beam and slab 
b~~~ in tension have reached strain hardening with steel 
stress as 1.25 x f = 1.25 x 275 MPa. 
Mci is the nomin~l (ideal) flexural strength of the 
column with steel stress based on f = 380 MPa. 
Compressive strength of concrete ~t 28-day is specified 
as f' = 30 MPa. 
c 
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For the second and third test units, further considerations with 
respect to biaxial bending of columns need be given. As the beam 
strengths of Unit 20-I in both directions are practically identical, 
the column may be subjected to ~2 times the storey shear 
corresponding with unidirectional attack. By considering the fact 
that the theoretical flexural strength of a typical square column 
section on a diagonal is of the order of 90% of that corresponding to 
principal axes, the unidirectional attack of design moments, due to 
M d , should be magnified by 
co e 
~2 0.9 (1.25/0.9) = 2.18 
This is close to the code's recommendation of w~ = 1.5(1.39) = 2.08 
0 
It can be seen that the columns, in particular that of Unit 20-E, 
were considerably reinforce¢ as a result of practical considerations. 
The design was somewhat unrealistic because, to represent the test 
situation, no axial load on the columns was considered. In the real 
structure, some axial compression would be expected and hence the 
required reinforcement contents in prototype columns could probably 
be less than those used in these tests. 
5. The design shear forces across the joint cores were also estimated by 
assuming that the effective flexural reinforcement of the beam 
reached a stress level of 1.25 times the specified yield strength of 
the steel. The horizontal and vertical joint shear forces are listed 
as Vjh and Vjv in Table 3.4 and are compared with the shear 
resistance provided by the horizontal and vertical joint 
reinforcement, Vsh and Vsv In accordance with code [4] 
~ecommendations, the intermediate longitudinal bars of the column 
were considered to be effective in resisting vertical shear in the 
joint cores. For horizontal shear,· the joint hoops present in each 
Unit provided resistance almost identical to the design shear force. 
6. To predict the theoretical ideal (nominal) strengths and stiffness of 
the Units for the purpose of comparison in testing, the ideal 
flexural strengths of the beam sections were calculated using the 
measured material properties of the concrete and steel. The ACI code 
[5] method, which assumed an equivalent rectangular compressive 
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Table 3.4 - Comparison of required joint shear forces with shear 
resistance provided by reinforcement of units according 
to the New Zealand concrete design code NZS3101:1982 
Unit lD-I 2D-I 2D-E 
Horizontal shear force (EW & NS) (EW) (NS) 
(a) Design vjh (kN) 1212 1350 764 1041 
(b) Provided vsh (kN) 1061 1061 678 874 (nominal) 
(c) Provided vsh (kN) 1273 1273 807 1046 (actual) 
Vertical shear force 
(d) Design 0.4Vjv (kN) 444 518 479 
(e) Provided v (kN) 478 936 936 
(nominal) SV 
Notes : 
(a) Design horizontal shear force V h is given by the resultant 
horizontal force acting either jabove or below a horizontal 
plane at the mid-depth of the joint core. V.h was calculated 
assuming the beam longitudinal bars reachingJa stress of 1.25 
f , where f = 275 MPa, as specified. It is considered that 
a~l of V.h is to be resisted by the horizontal shear 
reinforcem~nt. The nominal joint core shear stress V.b/b h 
was less than 1.5~f' MPa, the maximum allowed (NZS310l)Jln ~ll 
c 
cases. 
(b) Provided (nominal) shear 
reinforcement is vsh = 
specified. 
resistance of horizontal joint core 
Ajhfy' assuming fy 275 MPa, as 
(c) Provided (actual) shear resistance of horizontal joint core 
reinforcement is Vsh = A.hf , where f measured yield 
strength of steel used in t~st~. Y 
(d) Design vertical shear force for vertical reinforcement is 
0.4V. , where V. is given by the resultant vertical force 
actirtg on one sf~e of a vertical plane through the joint core. 
0.4Vj is to be resisted by the vertical shear reinforcement 
and B.6Viv is to be resisted by the concrete diagonal 
compression strut. 
(e) Provided (nominal) vertical shear resistance of intermediate 
column bars is V Aj f , assuming f 380 MPa, as 
specified. sv v Y Y 
68 
stress block for concrete with a maximum concrete compressive strain 
the floor slabs and beams were cast of 0.003, was adopted. Since 
monolithically, they were expected to act integrally as T-beams. For 
negative bending moment producing tension in the top bars, the New 
Zealand code [4] considers that all longitudinal bars placed within a 
certain slab width can 
The flange width is 
configurations, and is 
act as tension 
assumed to vary 
illustrated in 
reinforcement for the beam. 
depending on the structural 
Fig.3.6. These New Zealand 
code recommendations were followed 
T-beams subjected to 
conditions, the effective 
assumed in all cases to 
positive 
width of 
be twice 
fn the design calculations. For 
bending moment under seismic 
the flange in compression was 
the column width, as shown in 
Fig.3.7. Calculations showed that for positive bending moment, 
larger widths would not increase the moment capacity significantly. 
Flexural strength values estimated using other assumptions are to be 
discussed in Section 3.8 and shown in Appendices 8.3, C.2 and 0.2. 
7. The ideal (nominal) strength of a Unit subjected to seismic loading 
is attained when a positive moment plastic hinge occurs in the beam 
at one face of the column and a negative moment plastic hinge occurs 
in the beam at the other face of the column (Fig.l.4(b)). In the 
figures of Chapters 5 to 7 showing the measured lateral force-lateral 
displacement hysteresis loops, this ideal strength is denoted as v1 
and is used as reference value for the normalised scale V/V .. An 
1 
alternative case assumes that all longitudinal slab bars over the 
full width of the slab yield in tension and contribute to the 
negative moment flexural strength of the beam. The sum of this 
possible negative moment strength and the positive moment strength, 
defined as above, gives the theoretical maximum strength denoted in 
* terms of the lateral forces applied to the column as V. in the 
1 
hysteresis figures. Gravity load effects were not simulated. The 
effect of the self-weight of beams and slabs was considered 
insignificant. 
8. Units 20-I and 20-E were to simulate full-scale joint assemblies of a 
prototype two-way frame. Therefore some features of both specimens 
were made similar, the most obvious being the slab thickness (both 
(a) 
(b) 
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Fig.3.6 - Effective width ofT-beam subjected to negative bending moment, 
within which the slab flexural reinforcement is considered as being 
fully effective in tension, as recommended by NZS 3101:1982 [4] 
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Fig.3.7 -Assumed effective width ofT-beam subjected to positive bending 
mument causing compression in the slab 
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being 130 mm) and the east beam dimensions (as pointed out in point 
(1)). However, a significant deviation arose in the layout of the 
east-west slab reinforcement of Unit 2D-E. This followed that of a 
prototype edge slab. In the north-south direction, the (continuous) 
slab reinforcement arrangements of both Units were the same. 
Differences may be seen in Fig.3.2(b) and 3.3(b), as well as in 
Figs.3.15(b) and 3.16(b). Furthermore, in recognition of the smaller 
gravity load and lateral force imposed on the perimeter frame of the 
model building, the size of the N-S spandrel beams of Unit 2D-E was 
reduced accordingly (Fig.3.3). Similar considerations were given to 
the column. To enable installation of the standard steel load 
transfer plates to Unit 2D-E, ends of the north and south beams were 
widened to 400 mm (Fig.3.3(a)). The enlarged ends were adequately 
reinforced to prevent any failure at these locations. 
MATERIAL PROPERTIES 
Reinforcing Steel 
The tensile properties of the reinforcing bars used were obtained by 
testing under monotonic loading in an Avery Universal Testing Machine with the 
strain being measured by a Baty mechanical extensometer of 50.8 mm gauge 
length. Table 3.5 lists the experimental results. 
3. 3. 2 Concrete 
Concrete was obtained from a commercial ready-mix plant. The maximum 
aggregate size was 20 mm. As can be seen from Table 3.6, which summarises the 
properties, a wetter concrete was used for the upper column pours in view of 
the difficulty in placing concrete in a restricted space. Although the 
cylinder strengths measured were below the specified limit of 30 MPa, it was 
found during the tests that the upper columns were structurally not inferior 
to the lower columns. 
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Table 3.5 Measured properties of reiriforcing steel of test units 
Grade of Steel Grade 275 (MPa) Grade 380(MPa) 
Bar Size R10 !:U2 010 R16 016 020 024 8020 8024 
Yield Strength, f ( MPa) 315 320 326 330 318 300 283 482 500 y 
Yield Strain, EY 0.0014 0.0013 0.0018 0.0015 0.0014 0.0013 0.0013 0.0024 0.0024 
Ultimate strength,fu(HPa) 432 466 441 503 482 459 437 650 669 
Notation RlO plain round bar of 10mm diameter 
020 deformed bar of lOmm diameter 
H020 deformed high strength bar of 20 mm diameter. 
Table 3.6 - Measured properties of concrete of test units 
Test Unit 10-I 20-I 20-E 
Pour 1 2 1 2 1 2 
Slump (mm) 75 150 50 100 75 150 
f' at 28 Day (MPa) 43.5 c 25.3 35.5 25.1 43.5 25.3 
Age at Test 80 days 71 days 130 days 126 days 80 days 71 days 
f' at 
c 
Notes 
Test (MPa) 38.0 26.4 37.0 27.4 
(1) Pour 1 included lower column, beams, slab and joint; 
pour 2 was for upper column only. 
38.0 
(2) f' compressive strength of 100mm dia.x 200mm concrete cylinder 
c 
26.4 
H028 
432 
0.0018 
602 
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3.4 LOADING RIG 
The configuration of the loading rig is shown in Fig.3.8. It 
consisted of two pairs of steel frames comprising diagonal struts, horizontal 
struts and vertical columns, all connected by high-strength friction grip 
bolts. In order to apply vertical forces at the beam ends either upwards or 
downwards with double-acting jacks, steel reaction beams to support the jack 
forces were to be fixed between the vertical columns. Pins were provided to 
enable the top and bottom of the concrete column to rotate in two 
perpendicular directions. The beam ends were also able to rotate and move 
laterally in the plane of the frame while the jacks were kept in a vertical 
position. Thus no axial forces were introduced to the beams. All forces were 
transmitted to the strong floor of the laboratory. The rig was designed to 
enable unidirectional or bidirectional (i.e. orthogonal east-west and north-
south) simulated seismic forces to be applied without any alterations to the 
rig. In the test for Unit lD-I, jacks at the east and west ends only were 
needed. For two-way joints, additional jacks were required at the north and 
south ends. 
The way the column ends could rotate in two perpendicular directions 
can be seen from the details in Fig.3.8. Rotation of each column end was made 
possible by a steel box frame made up of four rectangular hollow sections 
joined by butt-welding. Each column end had a steel cap with the east and 
west sides bearing against the box frame. Tolerance was provided so that the 
column could still rotate in the north-south direction about the 126 mm dia. 
pin. On the other hand, the two 99 mm dia. pins allowed the box frame and 
the concrete column to rotate together in the east-west direction. The ends 
of the 126 mm dia. pin was machined to have vertical edges so that it could 
move vertically in the slots of the bearing plates. The photographs in Figs. 
3.4 and 3.5 show the rig from different angles. 
3.5 INSTRUMENTATION 
3.5.1 Measurement of Forces 
Load cells were used to measure the beam end forces by connecting 
each in series with a hydraulic jack (Fig.3.8(b)). Electrical resistance 
strain gauges were arranged in double circuits to give two outputs. The first 
N 
t 
Concrete slab of 
test unit ------~'-! 
(a} LAYOUT PLAN 
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output from each load cell was read directly using a Budd Strain Indicator 
against which the load cell had been calibrated in an Avery testing machine. 
The second output was used to drive the Y-axis of a Hewlett-Packard Pen 
Recorder, the X-axis of which was driven by the signal from a linear 
potentiometer that measured the beam vertical displacement. It was then 
possible to obtain an instantaneous plot of force-displacement relationship 
for each beam. This, however, served only as a reference in monitoring the 
overall progress of the test since the measured beam deflection included also 
the component due to the sidesway of the loading rig. It was necessary to 
correct the beam deflection values after measuring the lateral column 
deflection, as explained in Section 3.5.2. The force-displacement curves for 
the beams were then replotted. 
3.5.2 Measurement of Displacements 
To measure the beam .deflections, joint distortions, and beam 
curvatures in the plastic hinge regions at the column face, linear 
potentiometers were used. For Unit lD-I, they were installed as shown in 
Fig.3.9. Two potentiometers at the north face of the joint panel are not 
shown. All were connected to a 200-channel Solartron Data Transfer Unit which 
recorded voltage readings in punched paper tape. Ea~h of the two linear 
potentiometers used with the pen 
also connected in parallel with 
recorder to monitor beam displacement were 
a Hewlett-Packard Digital Volt Meter (DVM). 
Reading from the DVM manually gave immediately the value of the gross beam 
deflection. Corrections were then made to obtain the real beam deflection by 
deducting the component due to horizontal column movement caused by 
deformations within the loading rig. 
Five pairs of top and bottom potentiometers were used to measure 
curvatures of each beam within 825 mm from the column face. Each pair of 
potentiometers was attached to two steel rods embedded in the concrete of the 
beam. For fixity during concreting, all steel rods had to be tied to the main 
beam bars. It appeared inevitable that movements of these bars would be 
included in the potentiometer readings. To measure beam movements relative to 
the column, horizontal steel rods were embedded in the column so as to provide 
stationary targets for the potentiometers. This also alleviated the effect of 
spalling of the column concrete on the potentiometer readings. The rods were 
at least 90 mm above the top or bottom surface of the beam. 
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The horizontal east-west movement of Unit 10-I.was determined by the 
dial gauges shown in Fig.3.9. Direct measurements of movements of the column 
top or bottom 126 mm dia. pin were not taken because the pin was allowed to 
move inside the 127 mm dia. sleeve tube (see Fig.3.8(c)). Furthermore, 
placing a dial gauge in line with the top pin would occupay more space, 
causing obstruction to crack marking. As shown in Fig.3.10, the four dial 
gauge readings along the upper column, D1 to D4, and the three readings along 
the lower column, D5 to D7, gave information on the deformed shape of the 
column. The data were not sufficient and were not intended to be used to 
determine the curvatures of the column. Using the dimensions given in 
Fig.3.10, the movement of the centre of top pin relative to the bottom pin, 
6cs' could be reasonably estimated by 
6 
cs 
266 (Dl + D7) + (01 - D2) 340 
236 
+ (07 - D6) 522 (3.2) 
To check the out-of-plane (north-south) movement of the test unit, additional 
dial gauges at the north face of the column, and at the vertical sides of the 
beam ends, were installed. They are not shown in Fig.3.9 but could be seen in 
the photograph of Fig.3.5(a). It was concluded that the tolerances provided 
in the rig allowed the test unit to undergo a small amount of horizontal out-
of-plane movement and rigid body rotation about the column. However, this 
rotation was considered insignificant. 
Displacement measurements for Units 2D-I and 2D-E followed the same 
given in the following principles just described. Further details are 
chapters on test results. 
south (N-S) and east-west 
Measurements were registered with respect to north-
(E-W) directions. Figs.3.11 and 3.12 depict the 
actual positions of the dial gauges which monitored column movements. Because 
of difficulties with instrumentation, joint distortions for Unit 20-I in both 
directions and Unit 2D-E in the E-W direction were not measured. However, it 
was possible to place two linear potentiometers diagonally at the exposed west 
face of the joint of Unit 2D-E, thus recording the shear distortions in the N-
S direction. The arrangement was similar to that shown in Fig.3.9. In the 
tests of Units 20-I and 20-E, results were read through a CEOACS data 
acquisition system. It used an analogue-to-digital converter which was 
connected to a personal computer to control the scanning and record the 
signals. 
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Further instrumentation was conducted on Unit 20-E as illustrated in 
Fig.3.13. Four linear potentiometers were placed perpendicular to the west 
face joint area in order to measure the rotations of the joint about the 
horizontal N-S axis (Fig.3.13(c)). Rotations about their longitudinal axes to 
estimate twist and horizontal lateral movements of the three beam ends were 
similarly monitored as shown in Figs.3.13(a) and (b). 
3.5.3 Measurements of Reinforcing Bar Strains 
A total of 503 Showa 
(type Nll-FA-120-11) were used 
reinforcing bars in the beams, 
joints. Figs.3.14 to 3.16 show 
the distribution of the gauges. 
120-ohm electrical resistance strain gauges 
to monitor strain variations along the 
column, slab and horizontal hoops in the 
the positioning, while Table 3.7 summarises 
Recognising that the reinforcing bars would 
in fact be subjected also to some bending rather than to tension or 
compression only, the strain gauges were fixed to the bars along their 
~neutral axis~, so that bending strains would not be recorded. Hence the 
strain gauges for the beam, column and slab bars were placed at the sides of 
the bars. 
For joint hoops 
undersides to avoid the 
of Unit 
effects 
10-I, the 
of bowing 
gauges 
out of 
were positioned at the 
hoops due to lateral 
expansion of the concrete in the joint core. During reduction of test data, 
it was found that noentheless irregularities of gauge readings did exist. It 
is possible that bending deformations occurred in the horizontal ties due to 
dowel action when diagonal cracks crossed these bars. Subject to the 
availability of enough channels for recording data, a pair of strain gauges at 
each location were considered desirable. 
Like the linear potentiometers, all strain gauges of Unit lD-I were 
read through the 200-channel Solartron Data Transfer Unit. There was a 
practical constraint on the number of strain gauges which could be used. 
An improvement in the second and third tests was possible with the 
employment of the CEDACS data acquisition system which could accommodate more 
channels. With Unit 20-I, the middle two sets of joint hoops had strain 
gauges fixed to both the top and the underside of each leg. Strains were 
taken as the average of the readings of each pair. In the construction of 
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Note : Similar strain gauging arrangement 
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Table 3.7 Distribution of electrical resistance strain gauges 
(a) Unit 10-I 
Components No. of Strain Gauges 
Beam Longitudinal Bars (024 and 020) 28 
Column Longitudinal Bars (HD24 and HD20) 16 
Slab Longitudinal Bars (010) 36 
Slab Transverse Bars (016) 68 
Joint Horizontal Hoops (R16) 14 
Total 162 
(b) Unit 20-I 
Components No. of Strain Gauges 
North-South Beam Longitudinal Bars (024 and 020) 28 
East-West Beam Longitudinal Bars (024 and 020) 28 
Column Longitudinal Bars (HD28) 36 
North-South Slab Bars (010) Top Layer 13 
Bottom Layer 6 
East-West Slab Bars (010) Top Layer 13 
Bottom Layer 6 
Joint Horizontal Hoops (R16) North-South 18 
East-West 18 
-
Total 166 
(c) Unit 20-E 
Components No. of Strain Gauges 
North-South Beam Longitudinal Bars (020) 28 
East Beam Longitudinal Bars (024 and 020) 20 
Column Longitudinal Bars (HD28) 48 
North-South Slab Bars (010) Top Layer 15 
Bottom Layer 3 
East-West Slab Bars (010) Top Layer 12 
Bottom Layer 9 
Joint Horizontal Hoops (R16) North-South 14 
East-West 14 
(Rl2) North-South 6 
East-West 6 
Total 175 
-
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Unit 2D-E, this method was applied to each instrumentated leg of all the joint 
hoops. 
Early in the tests strains in the beam and slab bars exceeded tensile 
yield strains. Bond-slip of beam bars was found significant. The validity of 
beam bar strains measured by strain gauges is to be discussed in Section 3.10. 
Slab bar strains are discussed in their pertinent sections. Strains of column 
bars were considered not affected because these bars remained essentially 
elastic. So were strains in the joint ties because they were subjected to 
tensile actions only. 
3.6 TEST PROCEDURE 
Before any forces were applied to a test unit, two complete sets of 
readings from the instrumentation .were taken to check repeatability. The 
application of forces at the two beam ends were co-ordinated manually to give 
equal rotations of the beams. Had the loading spans of the east and west beam 
been equal, equal displacement could have been applied. In each load run, 
several force increments were made before the maximum was reached so as to 
provide data for plotting continuous force-displacement curves. This was 
necessary because considerable horizontal movement in the plane of the unit 
was caused by the sway of the steel loading frame. From readings of the dial 
gauges monitoring the movement of the upper and lower columns, the horizontal 
rigid body movement of the test unit was found according to the method 
described in Section 3.5.2. The corresponding component of beam end 
deflection due to this movement was then subtracted from the gross measured 
beam deflection. 
After the maximum force or ductility level had been attained in each 
load run, unloading of the beams was carried out by load control by removing 
equal proportions of the maximum force for that load run for the relevant 
beam. Where the residual deflections of the two beams were not equal at the 
commencement of a load run, the imbalance was corrected at the initial stages 
of the load run by applying more displacement to the beam having the greater 
residual deflection until the two beam rotations about the zero line were 
equal. 
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A complete set of readings was taken at every increment and the true 
deflections of both beams were calculated immediately in order to determine 
how much adjustment the following increment required. At the peak of each 
load run, cracks on all faces of the test unit were marked with felt-tip pens 
on the white painted surface, using a different colour for each direction of 
loading. Photographs were taken normally at the peak of each run, but also at 
other stages when it was felt necessary. Because of the large size of the 
test unit, much time was spent on crack marking and photographing. At best 
only one cycle of loading could be completed in one day. 
As discussed in Section 3.4, in this test series, beam deflections 
were to be imposed while the column ends were held in position. The 
equivalent column sidesway, ~ , and shear, V , obtained by considering the 
c c 
geometrical relationships shown in Fig.l.4(b) are 
and 
where 
'\1 
'\2 
2 1 
2z 
2 c 
pl 
Pz 
v 
c 
beam displacement at right-hand end 
beam displacement at left-hand end 
length of right-hand beam 
length of left-hand beam 
total height of column 
beam force at right-hand end 
beam force at left-hand end. 
displacements, imposed 
(3.3) 
(3.4) 
on the right-hand beam as Upward acting forces and 
shown in Fig.l.4(b) and causing 
positive, while downward loads 
positive (sagging) beam moments, are taken 
and displacements, causing negative (hogging) 
beam moments, are taken negative. 
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3.7 LOADING SEQUENCE 
3.7.1 Cyclic Load History 
The quasi-static cyclic loading histories followed for the three 
Units are depicted in Figs.3.17 to 3.19. In each test, the first two load 
cycles were to impose a lateral force of about one-half of the theoretical 
ideal strength, Vi' as defined in Section 3.2. The intention was to examine 
the testing facilities, including the rig. This arrangement had been found 
very useful to the personnel carrying out the test in that the loading system 
and instrumentation could be examined and where necessary improved. As equal 
beam rotations were to be imposed in all cycles, these two initial small-load 
cycles allowed the personnel to practice the co-ordination of load application 
at the two beam ends. 
The first yield displacement, ~ t t' and the real stiffness, Kt t' y, es es 
of each test unit were determined in the first half of the third load cycle by 
extrapolation from the measured displacement at 75% of Vi (see Section 1.3 and 
Fig.l.3). Subsequent cycles were displacement controlled with increasing 
imposed displacement ductility factors M = ~~ and enabled observation of the y 
performance of the units at low as well as high ductilites. The stages at 
which the cumulative ductility demand limits of BM = 32 (see Fig.l.S) were 
satisfied, are shown in Figs.3.17 to 3.19. 
these limits gave an idea of the potential 
demands and helped to identify the causes 
A continuation of the test beyond 
of the unit for larger ductility 
of eventual failure or loss of 
resistance of the unit. It is seen that each unit was subjected to a 
displacement history much more severe than that envisaged by the recommended 
(Section 1.3) 1 performance criteria. 
Bidirectional loading was imposed to Units 20-I and 20-E, as in a 
manner shown in Figs.3.18 and 3.19. For instance, in run 13 of cycle 7, Unit 
20-I (Fig.3.18) was first displaced toM= 2 in the east-west direction. Then 
it was displaced in the north-south direction toM = 2, while maintaining the 
east-west deflected position. As north-south loading was progressing, the 
east-west resistance dropped, while displacement corresponding with the 
intended ductility was maintained. This phenomenon will be discussed in some 
detail in the next section. Besides giving easier control during the test, 
such a loading method permitted observations of the behaviour in two separate 
directions to be made, while also achieving biaxial effect. Unloading took 
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place in the east-direction first, followed by that in the north-south 
direction. Cycle 11 and thereafter had a reversed sequence pattern, as shown 
in Fig.3.18. The intention was to avoid excessive twisting of the test 
specimen. However, at the end of the test, it was concluded that this was not 
really necessary. The fixing arrangements at the beam ends and column ends 
could in fact accommodate considerable movements without affecting the test. 
Therefore a single biaxial pattern was adopted when testing Unit 2D-E 
(Fig.3.19). 
For Unit 2D-E, loading was applied principally in the east-west 
direction (that is, perpendicular to the spandrel beam), for the sake of 
studying the behaviour of an exterior joint. The values for ~ t t and Kt t y, es es 
were obtained for when the east beam was displaced downwards. Although they 
were more critical, the results were still significantly different from those 
found for Unit 2D-I. In order to make a more meaningful comparison of the 
behaviour of Unit 2D-E with that· of the other two Units, the subsequent 
imposed ductilities, shown in Fig.3.19, were revised to give similar storey 
displacements also for Unit 2D-E. 
3.7.2 Correlation between Force and Displacement Orbits 
The special interaction effects of biaxial loading pattern employed 
in this test series are revealed in the hysteretic response diagrams in the 
following chapters. However for illustration purposes here, the force-
displacement response in cycle 7, i.e. load runs 13 and 14, of Unit 2D-I are 
taken as example and drawn in the form of storey (or column) shear and 
displacement orbits in Fig.3.20. 
At the end of cycle 6, a stage at which the unit had been subjected 
to two complete cycles of uni-directional north-south displacement 
corresponding to ductility of M ±2, a zero load state was re-established. 
The column remained practically in its zero (before test) position in the 
east-west direction but it accumulated in the north-south direction a residual 
deflection of -8.4 mm. Points A and A' in Fig.3.20 represent this stage. 
Cycle 7 started eastwards to a peak storey shear of 251 kN at a displacement 
of 33.7mm or~= 2 EW (points B and B'). During this load run, called 13A, 
the test unit also moved northwards by 1.6mm. Then load run 13B with M 2 NS 
was imposed to a peak load of 240.7 kN and a displacement of 33.5 mm. As N-S 
loading was progressing, the EW storey shear kept gradually decreasing by 17% 
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to a final value of 207.6 kN at a corresponding displacement of 34.2 mm 
(points C and C' in Fig.3.20). 
Unloading took place in the east-west direction first, then north-
south, until zero load (point A) was reached. The corresponding displacement 
point A", shown in Fig.3.20(b), indicates that there was a permanent 
deformation of 11.4 mm (N) and 11.6mm (E) at the end of run 13. Load run 14 
took a different path, but features of the response were the same. The load 
and displacement orbits followed were AEFGH and A"E'F'G'H' respectively, as 
seen in Fig.3.20. Point H' shows again that as a result of permanent plastic 
deformations the unit was 11.7mm (S) and 11.6mm (W) away from its zero 
position at the end of cycle 7. 
As Fig.3.20(a) shows, during imposed N-S displacements there was 
always some reduction of resistance in the E-W direction in spite of the large 
displacement in that direction beihg kept approximately constant. Similar 
response was observed when displacements were varied in the E-W direction. 
There are two possible reasons for 
during orthogonal loading and unloading. 
hydraulic jacks and creep in the specimen. 
the observed drop in peak shear 
The first is relaxation in the 
The other is the contribution of 
the slab in tension to the flexural strength of the beams during biaxial 
displacements. These issues will be discussed further in detail in the 
following chapters. 
A change in peak displacement, intended to remain constant, usually a 
slight increase during orthogonal action, was unavoidable. When the inelastic 
behaviour of such units is being studied, slight unintended changes in 
displacements were not considered to have had any effect upon the 
characteristics of overall response and hence the validity of conclusions. 
The unit's observed movements from its ''zero-load" position during 
orthogonal loading was also studied. For instance, in run 14A (Fig.3.20(b)), 
the unit moved unintentionally by 3.6 mm to the west, as indicated by points 
A" and E'. Some small E-W shear developed as well (pointE in Fig.3.20(a)). 
This phenomenon became more significant subsequently at larger ductilites. 
However, the hysteretic curve for run 14B (Chapter 5) suggests that the unit 
I 
"adjusted" itself during the initial loading increments. The overal stiffness 
of the unit in run 14B appears to have matched that during unloading, i.e. 
93 
curve 13A. This initial shift in displacement or shear was compensated by a 
slightly larger initial stiffness. It was considered that the overall 
behaviour of the unit had not been affected. In fact, curves 13A and 14B in 
Fig.S.lO could have been drawn continuously without a ''kink" in between. 
It may be argued 
test unit should have been 
that, to 
brought 
better simulate earthquake motions, the 
back to its original, before test (zero) 
position at the end of each cycle. In this case, some storey shear forces 
would have been required to keep the specimen in this desired "zero" position. 
This would have posed testing difficulties while also complicating the 
behaviour of the unit. The present testing procedures enabled direct 
comparisons of test results with those of Unit lD-I and other projects [39,49] 
to be made. Moreover, energy dissipation capacity in either of the directions 
is more easily interpreted when using this displacement history. After all, 
when reinforced concrete structures, designed for ductility, are subjected to 
significant earthquake motions, p~rmanent deformations are to be expected 
after earthquake motions ceased. 
3.8 PREDICTION OF IDEAL STRENGTHS 
3.8.1 General 
The ideal (nominal) flexural strengths of the beam sections at column 
faces, (±)M., were calculated for 
1 
3.8.2. These strength properties 
various possible cases described in Section 
and the corresponding theoretical beam tip 
forces, (±)P., estimated on the basis of measured rather than on specified 
1 
material properties, are summarised in tables of Appendices 8.3, C.2 and 0.2. 
Larger possible moments and associated forces for negative bending, when all 
longitudinal slab bars may be stressed in tension, are denoted by asterisks in 
superscript. As can be seen in Figs.3.1 to 3.3, which show the as-built 
dimensions, the shear spans of two beams on opposite sides of a column were 
slightly different. Hence the predicted vertical forces at the opposite ends 
of identically reinforcing beams were not exactly identical. In all cases, 
the self-weight effects of the beams and slabs on the test results were 
considered insignificant, and hence they were ignored. 
It is necessary to consider the cases when flexural overstrength is 
developed. As inelastic displacements continue, steel bars in tension may 
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attain a stress level above the measured average yield stress f . The y 
material overstrength factor relevant to a beam section and used in capacity 
design [4], based on a specified yield strength off = 275 MPa, is A = 1.25. y 0 
For comparison in these tests based on measured yield strength, f the y,m' 
following relationships are adopted 
f = A f A f y,o 0 y o,m y,m (3.5) 
f 
so that A A ~ 
o,m 0 f y,m 
(3.6) 
where f y,o estimated overstrength of steel 
A 
o,m 
material overstrength factor relevant to measured strength 
For the north-south spandrel beams of Unit 20-E, only 020 bars were 
used. Thus A was taken as 1.15 for this case. As for Unit 20-E in the 
o,m 
east-west direction and Units 10-I and 20-I, the value of f was taken as y,m 
the average of the measured yield strengths of 020 and 024 beam bars. Thus 
for these cases, A = 1.18. The 
o,m 
overstrength moments and vertical tip 
forces corresponding with these factors are referred to as (±)Mi and (±)P. 
0 10 
respectively, when necessary. 
The ideal strength of a test unit is defined in terms of the lateral 
force at the column ends. This is denoted as either Vi or V!, following the 
definitions given in point (6) in Section 3.2. 
depending on the values of (±)M. adopted. 
1 
3.8.2 Flexural Strengths 
The values of V. and V* vary, 
1 1 
For a reinforced concrete beam subjected to monotonic loading, the 
flexural strength is traditionally determined from considerations of strain 
compatibility and the equilibrium of internal forces developed in both the 
concrete and the reinforcing bars. The concrete compressive stress blo~k is 
conveniently replaced by an equivalent stress rectangle [1, 5]. This method, 
generally known as the ACI method, is considered sufficiently accurate for 
I ' ' 
design purposes regardless of ~6~~e~er the beam section is singly or doubly 
reinforced. Under the application of earthquake-type cyclic forces, however, 
the situation may be quite different. 
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It was reasoned in Section 2.3.1 that under seismic actions into the 
inelastic range of the beam's capacity, the contribution of the concrete to 
flexural resistance of doubly reinforced sections should diminish. The 
seismic strength, M., of a beam, particularly having equal amounts of top and 
1 
bottom reinforcement, can then be readily evaluated as follows : 
where A 
s 
f y 
jd 
Mi = A f (jd) s y 
total area of reinforcement in tension 
yield strength of steel 
internal lever arm approximated as the distance between 
centroids of top and bottom reinforcement in beam 
(3.7) 
In routine design of building frames in many countries, beam sections 
are likely to be proportioned, using charts based on the ACI or a similar 
method, to provide the flexural' resistance required for code design seismic 
forces. These techniques are traditionally based on beam response to 
monotonic loading. Strengths so computed would generally be somewhat larger 
than corresponding values derived from the ''seismic approximation" of 
Eq.(3.7), as can be seen in Appendix B.2. Also in Appendices B.3, C.2 and 
0.2, ideal strengths based on measured material properties and on the ACI 
method, using different assumptions for the effective width of a flange, b , 
e 
in tension or compression (Fig.3.21), have been 
assumptions are described in the following paragraphs. 
evaluated. Relevant 
The maximum dependable 
strain of concrete in compression is assumed to be 0.003. 
From the computation of flexural strengths, it is easily seen that 
the ''seismic approximation'' of Eq.(3.7) has the advantage of being simple to 
use. In New Zealand where the "capacity design" approach (see Section 1.2) 
has been well established, this approximation is accepted as a routine 
procedure in design offices. In the capacity design method [4], materials 
overstrength factors A and dynamic magnification factors w are specified to 
0 
estimate the maximum probable design actions in structural members. 
Sufficient strengths are to be provided by proper detailing so that the chosen 
means of energy dissipation can be maintained. In the design of ductile 
frames, these enhancement factors ensure that flexural failure in the columns 
and shear f1:.lure in the columns, beams and joints are eliminated. This 
concept has been repeatedly emphasised in Section 3.2 and Appendices B.l, C.l 
.... 
0 
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1 
Unit lD-I Unit 20-I Unit 20-E 
I 
t 
I 
Case b (mm) East-West East-West & North-South East North-South 
a 
b 
c 
d 
e 
f 
e 
zero (flexural strength is estimated by pure steel couple) 
b 400 400 400 300 
w 
b 550 600 500 (b'=)425 
c c 
2b 1100 1200 1000 700 
c 
Code* 1500 1500 800 
1500 
3b 1650 1800 975 
c 
* b is estimated according to NZS 3101 recommendations for T-beam design 
e 
relevant to mid-span, monotonic, positive bending action. 
(d) Effective width of tension flange ("negative'' flexure -Mi) 
Unit 10-I Unit 20-I Unit 20-E 
Case b (mm) East-West East-West & North-South East North-South 
e 
(t=2.5) (t=4) (t=2) (t=4) 
g b +th 1050 1640 1020 945 
c s 
h (full slab width) 
Fig.3.21 - Effective flange widths of T-beam and L-beam sections under flexure 
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and D.l. As illustrated in point (4) 
some underestimation of the beams' 
in Section 3.2, it follows then that 
flexural strengths using the above 
approximation should not jeopardise the desired seismic resistance of the 
designed ductile frame under small or moderate ductility demands. 
Since the floor slabs and beams are 
integrally as T-beams or L-beams as shown 
bending, some slab bars will participate in 
cast monolithically, they act 
in Fig.3.21. Under negative 
beam bending action, with the 
tensile forces transmitted across the flange into the beam web by shear in the 
flanges. The ACI code [5] does not specifically cover this effect. However, 
other sources [1,4] suggest that some longitudinal bars placed in the slab 
within a certain distance from column faces be included as effective tension 
reinforcement. The design recommendations were based on engineering judgement 
rather than on experimental data. As shown in Fig.3.6, in the design of this 
test series the New Zealand code [4] was followed as a reference. At large 
ductilites, all longitudinal slab bars in tension may possibly yield. 
However, it is felt that only some of these bars will contribute to the beam's 
negative flexural strength at a column face. This limitation originates from 
considerations of shear transfer across the slab, and from biaxial loading 
effect. Chapter 7 examines the assessment of the number of bars considered to 
be effective as tension reinforcement in the full slab width. 
For T-beam subjected to positive bending moment, there are 
recommendations [4, 5] for estimating the effective width of flanges in 
compression. Though the wording is not very explicit, the design of T-beams 
under mid-span, monotonic, positive bending action is inferred. In seismic 
conditions, the width of the compression flange at a beam-column junction 
should be much smaller. This is partly due to the fact that under seismic 
attack the slab is subjected to compression strain at one face of the column, 
simultaneously at the opposite face while large tensile strains must 
of that column. Therefore for 
with the top fibres of the 
(Fig.3.2l(c)) are considered in 
represent the action of only a 
prevail 
the prediction of positive flexural strengths, 
beam section in compression, five cases 
addition to case (a) which uses b = 0 to 
e 
steel couple (Eq.3.6). Case (b) assumes that 
be is the same as the beam web width, bw' while case (c) uses the column 
width, i.e. b b The last three cases consider even larger flange widths 
e c 
in compression. In case (d), b is equal to two column widths, i.e. the 
e 
column itself plus one-half column width on each side of the column (see also 
Fig.3.7). Case (e) follows code recommendations [4,5] forT-beam design 
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intended for mid-span action. The final case (f) us~s the largest assumed 
effective width extending over three column widths. Despite the various 
values of these effective widths, the ideal flexural strengths for cases (d), 
(e) and (f) are very similar, because the internal lever arm remains 
essentially constant. The maximum difference is only 4%. For convenience, 
case (d) was taken as representative when considering flanges in compression. 
For the evaluation 
tension in the top fibres of 
shown 
of strength 
the beam 
graphically 
due to negative bending, causing 
section, case (g) follows the code 
in Fig.3.6. It has been known recommendation [4], as 
(Section 1.5) that as 
tension also extends. 
imposed 
This will 
ductility increases, the effective width in 
be discussed in Chapter 7. At this stage, 
case (h) is assumed which gives the maximum possible negative moment when, 
irrespective of anchorage conditions, all slab bars crossing the critical 
section are assumed to have developed tension yield stress and are thus 
assumed to conribute to the flexural· strength. 
The reference strengths, V. 
1 
derived from a combination of cases 
and vy, 
(d) and 
mentioned in Section 3.2, are 
(g), and of cases (d) and (h) 
respectively. 
In this test series, most of 
reinforcement about 60% in excess of the 
couple may be expected to resist positive 
the beams contained amounts of top 
bottom reinforcement. ·Thus a steel 
seismic moment. On the other hand, 
(i.e. to negative bending), the when the direction of moment is reversed 
bottom bars in compression should yield because a large tensile force is 
developed in the top beam reinforcement with larger area. This should occur 
already when a moment less than the previous maximum is applied, after which 
the previously formed flexural cracks in the bottom of the beam section will 
close. The concrete then carries the required additional compression force. 
These two features have been compared with experiments when using beams with 
rectangular sections [1]. Since the test units were designed to simulate 
earthquake dominated frames, where beam plastic hinges due to both directions 
of earthquake loading were expected to form at column faces, it is considered 
useful to assess the response of the test units in terms of the idealised 
seismic strengths at thse sections, as just discussed. Therefore the 
strengths of the various beam sections in this test series are also estimated 
according to a "mixed" approach, i.e. combining cases (a) and (g) or (h). In 
Appendices B.3, C.2 and 0.2, combinations of various cases are listed. 
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3.9 DISPLACEMENT COMPONENTS 
3. 9.1 General 
As described in Section 3.6, earthquake actions were simulated by 
applying vertical forces to the test units at the beam ends while the 
equivalent storey (column) displacements and shears were calculated according 
to Eqs.(3.3) and (3.4). The storey displacement was a combination of the 
elastic and inelastic deformations of the various structural members of a 
planar frame, namely, the left and right hand 
columns, and the joint core. With reference 
assembly i~ the east-west direction, the total 
composed of three components as follows : 
A A b + A + A j c c, c,c c, 
beams, the upper and lower 
to Fig.3.22 showing a joint 
storey displacement, A , is 
c 
(3.8) 
where A 
c,b storey displacement from the contribution of beam deformations 
(Fig.3.22(a)) 
A = storey displacement c,c from the contribution of column deformations 
(Fig.3.22(b)) 
A = storey displacement from the contribution of joint shear 
c,j 
distortion (Fig.3.22(c)) 
Among the three components, those deformations which were considered 
significant were measured in the test. The other were estimated by 
calculations based on some traditional models. 
following paragraphs. 
3.9.2 Deformations of the Beams 
They are discussed in the 
As the applied force increased, plastic hinges formed in the beams at 
the column faces. The rotations in the plastic hinge regions accounted for a 
major part of the beam end deflections, s1,b and s2,b (Fig.3.22(a)). As 
illustrated in Fig.3.9 five pairs of potentiometers over a length of 825 mm 
(i.e. 1.5 times the beam depth hb) of each beam measured the rotations. From 
these the average curvatures of the region were derived. For convenience in 
this report the region is referred to as the 1.5 hb region and represented by 
Tm LallA«Y 
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Fig.3.22 - Components of deformations in test unit in E-W direction 
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the abbreviations p.h. in the equations. To illustrate the computations for 
the region, Fig.3.23 shows in exaggeration the shape of the east beam having 
positive curvature under upward displacement. Fig.3.23(a) shows the before 
test situation. As the beam deforms under upward force, the segments undergo 
positive rotations in association with changes in distance from the column 
face, shown as~ and ~· in Fig.3.23(b). In agreement with the sense of 
curvatures and rotations, increases in distance are taken as positive. The 
rotations of the segments are then given by 
8 1 (~1 - 6Sp!h1 (3.9a) 
e2 (~~ - t.Sf )/h2 (3.9b) 
83 = (~3 - ~· )/h 3 3 (3.9c) 
Both 8 1 and 82 include b~r deformations and slip within the joint. The 
average curvature of the first segment from the column face, over a gauge 
length of s1 , is defined as 
1/J1 (3.10a) 
In the test this segment was made as close as possible to the column face, 
with s1 = 25mm. Therefore the apparent large curvature was primarily caused 
by the bar elongation and any local bond-slip within the joint. The value of 
~l so obtained were extremely large because s1 was small when compared with 
the column depth h . A more realistic estimate of the curvature in this 
c 
region could be made by assuming that strains at the column centre were zero. 
In this case, the average curvature of the first segment, relative to the 
column centre, defined as wy, would be of the order of s1/(0.5hc + s1) = 0.077 
times 1/Jl when he = 600mm. Alternatively, 1/Jy may be expressed by the following 
equation 
= 
1 (3.10b) 
The average curvature of the second segment over a gauge length of (S~ - s1) 
s2 is 
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1/J2 (3.10c) 
while the curvature of the third segment over a gauge length of s3 is 
(3.10d) 
Curvatures of other segments were determined in a similar way. The curvatures 
so obtained, and plotted at the centre of each gauge length for all load runs 
at their peaks are shown for all beams in the following chapter. As 
mentioned, the average curvatures of the first segments were determined 
according to Eq. (3.10b). At low ductilities, the observed curvature 
distributions shown in the figures are consistent. At high ductilities, 
however, 1/Jy generally were smaller than 7fJ 2 . This could be explained as a 
result of the spreading of plastic hinges, with ever increasing inelastic 
steel tensile strains from the column faces into the beams. The variations of 
beam bar strains will be discussed in Section 3.10. Some other irregularities 
in the curvature distributions were probably caused by crack developments 
within the gauge length. As mentioned in Section 3.5.2 the potentiometer 
readings might have been affected also by movements of the beam bars. The 
lack of a high degree of precision in these curvature measurements is not 
considered to have affected the validity of the assessment of beam behaviour. 
The component of east beam delfection due to rotation in the 1.5 hb 
(i.e. p.h.) region was calculated as follows : 
(3.11) 
where the sysmbols are defined in Fig.3.23(c). It is not necessary to inlcude 
8 1 here because e2 (Fig.3.23(b)) has already incorporated the bar elongations 
and slip within the joint. 
For the remaining length of the east beam, outside the l.Shb region, 
it was assumed that the flexural deflection, 5 l,b(flx) was elastic and hence 
this was estimated by 
where p1 
L' 
E 
c 
I 
e 
5 1,b(flx) 3E I 
c e 
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applied force at the beam end 
length of the beam outside the 1.5hb region (Fig.3.23(c)) 
modulus of elasticity of the concrete 
(3.12) 
effective moment of inertia according to Eq.(3.13) or (3.14) 
In estimating flexural deflections, approximate allowance was made 
for the effects of cracking of the concrete on the stiffness of the beams and 
of the column. It was assumed, as in routine building design, that the 
effective moments of inertia I are 
e 
for beams I 
e 
for columns I 
e 
0.5 I g 
0.5 I g 
(3.13a) 
(3.13b) 
where I is the moment of inertia g based on uncracked gross concrete area. In 
computing I for the flanged beams, g the effective widths of the overhanging 
parts were taken as one half of those normally 
in the 
assumed 
mid-span 
for strength 
calculation [ 4] for compression flanges region. The 
relatively small I value assumed for the column was intended to recognize the 
e 
absence of axial compression. 
Alternatively, the following expression, recommended by the codes 
[4,5], was also used to determine the effective moments of inertia for beams 
and columns 
where I 
cr 
(3.14) 
moment of inertia of the cracked section transformed to 
concrete 
moment at first cracking 
maximum moment in member at 
being computed 
stage at which the deflection is 
No instrumentation had been set up to measure the shear deformations 
I 
in the beams. Visual observation during the test and measurement of the 
sliding along the cracks in the plastic hinge regions indicated that the final 
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inelastic shear displacement in each beam was about 3 mm. Exact measurements 
at high ductilities were not possible because of the spalling of concrete. 
However, an estimate was made of the elastic shear deformation, 61,b(sh)' of 
the east beam. As the final value is relatively small compared to overall 
displacement, it was approximated by taking twice the shear deflection of an 
uncracked member [1]. That is 
8 1,b(sh) = 
pl f .q 
0.2 E b hb 
c w 
(3.15) 
where f shape factor (1.0 for T sections, 1.2 for rectangular sections) 
2' 1 = shear span of beam from column face (Fig.3.23(c)) 
b width of beam web 
w 
hb depth of beam. 
In summary, the above relationships for the east beam can be 
expressed to give the total beam distortions as 
6 t,b = 6 1,b(p.h.) + 6 1,b(flx) + 6 1,b(sh) 
(3.16a) 
- 8 + 8 
- 1,b(p.h.) 1,b(others) 
In a similar way, the deflection components of the west beam (Fig.3.22(a)) are 
as follows 
5 8 li 
'2,b(p.h.) + 2,b(flx) + '2,b(sh) 
(3.16b) 
= ~ b 
· 2,b(p.h.) + 2,b(others) 
Because the beams were not symmetrically shaped and reinforced, the east and 
west beam deflections (Fig.3.22(a)) were not necessarily equal. As equal beam 
rotations 'llere deliberately ·imposed in the test (see Fig.l.4), some 
corrections had to be made after considering other deformation components, as 
discussed in the following two sections. 
The rotations 
potentiometers (Fig.3.9) 
measured in 
were further 
the l.Shb 
analysed to. 
regions using linear 
study the extent of 
elongations and local bond-slip of the beam bars within the joint. With 
reference to Fig.3.24, east segment A corresponds to the region measured by 
WEST 
BEAM 
West segment A 
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the pair of potentiometers closest to the column (Fig.3.9) over a length of 
sl = 25 mm. It follows that movements in the east segment B of length 800 mm 
(Fig.3.24) can be determined as the sum of the movements measured in sub-
regions a, b, c and d (Fig.3.23) less that measured in segment A. From the 
data recorded in the linear potentiometers, the movements of the top and 
bottom fibres of the east beam (Fig.3.24), and similarly of those of the west 
beam, could be readily calculated. The changes in length of segments A and B 
are plotted for comparison for each test unit. 
Additional information, useful for structural design, is the growth 
in length of beams during plastification, caused by accumulation of residual 
tensile strains in the longitudinal beam bars. In building frames, this 
results in expansion of bay lengths, unless columns can offer some restraint. 
Lengthening of the beams in this test series was estimated by considering the 
increase in the total length of segments A and B. 
3.9.3 Deformations of the Column 
As shown in Fig.3.22(b), the column of the test unit deformed under 
the action of storey shear, V 
c. 
plastic hinges, it was assumed to 
Since the column was not designed to develop 
remain elastic throughout the test. This 
be justified. The elastic flexural and assumption was subsequently found to 
shear deformations, A , were not measured, but using column properties they 
c,c 
were estimated, by applying Eqs.(3.12) and (3.15), as twice the deflection of 
the half-column. That is 
v 2 ' 3 v f 2' ) u 2 ( c c c c (3.17) 3E I + 0.2E b h c,c 
c e c c c 
where 2 ' shear span of half-column (Fig.3.22(b)) c 
b width of column 
c 
h depth of column. 
c 
The associated beam deflections, o1 and o2 , as a result of column action, ,c ,c 
were found from the geometrical relationship (Fig.3.22(b)) to be 
o = A l,c c,c [-f-J 
c 
(3.18a) 
c5 2,c .6. c,c 
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(~) 
c 
(3.18b) 
3.9.4 Deformations due to the Joint Shear Distortion 
On the north and south faces of the joint area of Unit 1D-I as well 
as the west joint face of Unit 2D-E, linear potentiometer readings enabled the 
approximate joint core distortion to be measured. From the geometry shown in 
Fig.3.25, the total joint shear strain, 1, is obtained thus 
where the measured displacements ~ 
diagonal length 2j elongates and 
(tan "' + 
and .6.z 
negative 
1 
tan "' ) (3.19) 
are taken as positive when the 
when it shortens. The shear 
strains, 1 1 and 12 , are positive as shown in the figure, and"' is the angle of 
inclination of the joint diagonal to the horizontal. 
The components of displacement due to this joint strain 1 are 
computed as follows, using the symbols shown in Fig.3.22(c) 
(east beam) 6 1 . 
,J 211 - 21\112c (3.20a) 
(west beam) 6 2 . 
,J 
2 '1 -2 2 2 hb~t/2 c (3.20b) 
(column) .6. 
c,j = (l,j -
0
2,j) 
21 + 2 2 2c 
(3.20c) 
The potentiometer rods embedded in the concrete were located between 
the top and bottom layers of the beam bars and also between the outermost 
layers of the column longitudinal bars. It was therefore assumed that the 
joint shear strains measured did not include the effects of the deformations 
of the beam or columns bars within the joint core due to bond deterioration. 
3.9.5 Total Deformations 
The components discussed in the previous three sections can now be 
summed up. The various deflection components at all loading stages can be 
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expressed as percentages of the total experimental east beam deflections, ~1 
(Fig.1.4(b)) at each stage of the loading. The relationship is as follows 
~1 o1 .+o +o +o +o ,J 1,c 1,b(p.h.) l,b(others) l,b(unaccounted) (3.21) 
The last item in the equation is the deformation unaccounted for. It is the 
difference between ~ 1 and the other four items in Eq.(3.21). Eq.(3.21) can 
be applied to obtain similar relationships for the west beam and the column. 
As mentioned earlier, equal beam deflections were imposed in the test unit. 
equal, 0 l,b(unaccounted) and Since 8 1,b(p.h.) and o 2,b(p.h.) were not 
0 2,b(unaccounted) therefore had different values. Inelastic shear 
deformations in the beams are included in the "unaccounted" portions. 
Joint shear strains were not measured for Unit 20-I in both 
directions and Unit 20-E in the N-S direction, because of lack of access to 
the joint force. Joint distortions·for these two units will be discussed when 
presenting the test results in the following chapters. 
3.9.6 Prediction of Stiffness 
As discussed in Section 1.3, 
structure, Kth t' 1 , is implied eore 1ca in 
interstorey deflection, 6 , calculated 
e 
under code design seismic forces, V d . 
co e 
to define the yield displacement 6 . y 
For each test unit, it was 
flexural strengths of the · beam sections 
principal directions had developed 
the theoretical stiffness of a 
most building codes in terms of the 
for the frame behaving elastically 
In Fig.1.2, the value for 6 is used 
e 
assumed that the maximum dependable 
at both sides of the column in a 
simultaneously (see Fig.1.4) while 
undergoing equal rotations. P and V were the corresponding beam and column 
forces found by back calculation, details of which are given in Appendices B, 
C and D. Force and displacement relationships are expressed in Eqs.(3.3) and 
(3.4). The three major components of deflections, shown in Fig.3.22 and by 
Eq.(3.8), have been discussed in some detail in the preceding sections. The 
same principles can be used to estimate 
reference in the calculations in the 
follows. 
the deflection 6 . However, for easy 
e 
appendices, the method is summarised as 
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(1) Deformations of the Beams 
The elastic flexural and shear deformations of the beams 
(Fig.3.22(a)) are estimated by applying Eqs.(3.12) and (3.15) respectively, 
using the appropriate beam properties and the total beam lengths. Hence 
p 2 '3 p 1 f2 i 
6 1 'b 
1 1 
3E I + 0.2E b hb c e c w 
p 2 ,3 
(for left-hand beams) (3.22b) P2Uz 6 
2' b 
2 2 
3E I + 0.2E b hb c e c w 
There are two methods of calculating the effective moment of inertia 
I of a section, as given by Eqs.(3.13) and (3.14). 
e 
Eq.(3.14) is considered to be more accurate. 
The result from 
In the test, equal rotations are to be deliberately imposed to the 
beams. The equivalent storey sway is therefore assumed to be the average of 
s1,b and o2,b. That is, from Eq.(3.3), 
(3.23) 
It should be noted that this method neglects the effect of "fixed 
end rotations'' of beams at column faces (see Section 2.3.2) due to bond slip, 
if any, and elongation of the beam bars caused by dominant tensile strains 
inside the joint core. This effect becomes more significant as the beam 
depth increases. 
(2) Deformations of the Column 
The elastic flexural and shear deformations of the column 
(Fig.3.22(b)) are estimated according to Eq.(3.17). 
(3) Deformations due to the Joint Shear Distortion 
It was not attempted to predict even approximately joint distortion. 
According to previous tests [39,61], shear distortion of joints which are 
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properly reinforced contributes between 10% and 20% of the total beam 
deflection. Accordingly, a 20% of column deflection due to joint distortion 
is assumed here. That is 
0.20 6 
e 
(4) Total Deformations 
The components are summed up 
storey (column) deflection 6 , which is 
e 
as repeated below, 
(3.24) 
(Eq.3.8) to give the total equivalent 
( f '·!.f, ' ) 
also defined as yield deflection 6 , 
Y, 
I 
6 
e 
6 y 6b+6 +6. c, c,c c,J 
(5) Stiffness 
The theoretical stiffness of a test unit is then given by (see 
Fig.l.2) 
Ktheoretical 
v 
code 
6 
e 
(3.25) 
3.10 ASSESSMENT OF BEAM BAR STRAINS AND SLIPS 
The relationship between the strain results read from the strain 
gauges and those derived from linear potentiometer readings are illustrated 
with the aid of the example east beam in Fig.3.23. The essential details are 
reproduced in Fig.3.26(a). Also shown are the positions of the strain gauges 
on the bottom layer D24 beam bar. 'fhe following discussions refer to the 
strains at the level of this layer. The observations are also applicable to 
the strains along the top layer ot bars. For exterior joint assembly, where 
the west beam does not exist, only slight modifications are necessary. 
When the east beam in Fig.3.26(a) is displaced upwards, the 
increases of the lengths of the five segments S. at the beam bar level, ~., 
1 1 
are determined from the readings of the linear potentiometers (see Fig.3.23). 
This is based on the assumption that the potentiometer rods moved together 
with the beam bars. The corresponding average strains for a segment is given 
by 
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(3.26) 
Note that the 6S. defined in this section are slightly different from those 
1 
used in Section 3.9.2 (see also Fig.3.23(b)) in which 6Si referred to the 
length changes at the potentiometer levels. 
The above expression for c 1 = cs11s1 implies that the strain inside 
the column is zero. A more realistic estimation should include strain 
variations inside the column (joint) where bond must be developed, as has been 
discussed extensively in Section 2.3. An ideal strain distribution inside the 
joint, assuming perfect anchorage of the beam bar, is suggested in the lower 
part of Fig.3.26(b) by the dashed straight line 1. Also shown is the dashed 
line 2 for the ideal strain distribution in the beam, away from the column, 
due to flexural action only. For this latter beam strain distribution, 
however, it has been explained, with reference to the ''tension shift" 
phenomenon [1], that the strains do not vary linearly when diagonal cracks 
form under shear. Hence the dotted curve 4 represents a more realistic 
distribution of tensile steel strains in the east beam. Similarly, because of 
the large shear inside the joint core, the dotted curve 3 should replace line 
1. Attention is drawn to the three particular strains marked as Eg 1 ' Eg2 and 
tg3 in Fig.3.26(b). They are expected to be the same as those measured by 
strain gauges g1 , g2 and g3 (see Fig.3.26(a)) respectively. Also strain Eg 1 
should be small in comparison to cg3 . 
For segment 1, a strain Ef (Fig.3.26(b)) is shown to replace E 1 in 
order to incorporate the ''realistic" strains developed inside the joint core 
tf is assumed uniformly distributed over the short length s1. The elongation 
D8 1 is then given approximately by the shaded area 1 bounded by the horizontal 
strain line E! and the dashed straight line 1. It is assumed that the strain 
at the column centre is zero when the relatively larger strain tg] or ef is 
involved. The magnitude of area 1 is thus eys 1 + 0.5 ey hc/2. Hence 
* E 1 
6Sl (3.27) 
It can be seen that cf so determined should not differ significantly from Eg 3 
if the measured cs 1 does not include any bar slip. 
Line 1 
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Other strains E2 to € 5 defined according to Eq.(3.26) and derived 
from measured elongations are also indicated in Fig.3.26(b). The shaded areas 
2 to 5 correspond to the measured elongations 652 to 655 respectively. The 
strain measured by the gauge g4, Eg4 ' should normally have a value between E3 
and E4 . Curves 5 and 6 will be referred to later in this section. 
Corresponding results for the three test units are given in the 
following chapters. However, for the purpose of discussion in this section, 
some of the relevant results for Unit 1D-I are presented in Fig.3.27, which 
can be related directly to Fig.3.26. The solid lines in Fig.3.27 indicate 
strains obtained from strain gauge readings while the dashed lines represent 
strains derived from linear potentiometer readings. 
In the elastic cycles (i.e. the first two cycles to approximately 
one-half of the ideal strength Vi) and the first inelastic cycle to 
displacement ductility of~= 1, Fig.3.27 shows that the strains (solid lines) 
followed the distributions as expected. Anchorage of the bottom beam bar was 
provided predominantly in the left half of the column. Similar values of Eg3 
and cg4 confirm the effect of diagonal cracks. On the other hand, strains 
determined from linear potentiometers were quite irregular. This was 
evidently affected by the non-uniform formation of flexural-shear cracks in 
the beam. In particular, the strain Ef was much larger than the measured 
gauge strain cg3 at ductility~= 1. 
of bar slip within the joint core. 
It is noted that EY included the effect 
At the peak of~ = 2, it was found that cg3 = 0.34% which was far 
less than tf = 0.95%, while Eg4 = 0.16% was between c2 = 0.2% and c 5 = 0.11%. 
The elongation 65 1 was 1.67 mm. If strain gauge g3 functioned properly, there 
should have been a bar slip of the order of 1.67 (0.95- 0.34)/0.95 = 1.1 mm. 
Yet this rigid body movement of the beam bar could have caused the strain 
gauge to give erratic readings. 
Effects of bar slip within the joint core became more obvious in the 
cycle to~= 4. While Eg3 read 0.17%, Ef amounted to 1.85% corresponding with 
an elongation over segment 1 (Fig.3.27) of 65 1 = 3.27 mm. Although E2 at 
~ = 4 was measured to be 0.75%, it increased rapidly to 2.91% in the second 
cycle to the same ductility. In comparison with E3. = 1.23% and E4 = 0.63%, 
Eg4 = 0.52% was found to be considerably smaller. It becomes apparent at this 
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stage the bar slips caused the electrical resistance strain gauges to give 
unreliable readings. 
Comparisons were made with previous tests conducted at the University 
of Canterbury (39,61,64] in which bar strains were measured in similar beam-
column joint test units by DEMEC (demountable mechanical) gauges. In the 
inelastic range, average steel tensile strains over lOOmm length at column 
faces consistently exceeded 1%, with the values eventually reaching 3% to 4%. 
These are significantly larger than the strains measured in this project by 
electrical strain gauges. When the ACI stress block method was used to 
calculate the theoretical flexural strengths of beam sections (see Section 
3.8), the resulting tensile strains in beam bars were of the order of 2%. As 
can be seen in the test results presented in Fig.3.27 and the following 
paragraphs, beam bar strains measured by electrical resistance strain gauges 
seldom exceeded 1%. It is therefore considered that beam bar strain gauge 
results in this project were useful ~nly up to a ductility level of M = 2 or 
when the horizontal longitudinal movement 
not more than 2 mm. It is considered 
measured over a segment length was 
that thereafter strains were more 
reliably predicted using linear potentiometer results. 
It was stated that in determining cy from Eq.(3.27), slip of the beam 
bar was included in the quantity ~ 1 . Therefore the value of cy obtained by 
c 3 (see the dashed lines in 
value of cy, if slip had been 
c 2 as is implied by curve 4 in 
this method should be much larger than c 2 or 
Fig.3.27). On the other hand, the realistic 
excluded, should only be slightly larger than 
Fig.3.26(b). However, the test results consistently showed a reverse trend 
with increasing imposed ductilities. The strains c 2 and t 3 determined 
according to Eq.(3.26) were much larger than cy estimated by Eq.(3.27). For 
instance, in the second cycle to M 4, the strains converted from linea~ 
potentiometer readings were 1.53% (tf), 2.91% (c 2) and 1.12% c~ 3 ) 
respectively. This trend is generalised in Fig.3.26(b) by the dotted curves 5 
and 6. It is believed that strain hardening 
hinge region started from the column face and 
of the beam bar in the plastic 
propagated to the free end of 
the beam. Since there were no other reliable measurements to determine the 
real value of c! (slip excluded), a compromise is taken to estimate this 
"real" c! as 
* 
€1 ~ 
~2 + ~3 + ~4 
sz + s3 + s4 (3.28) 
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This assumption implies that the strain at the column face is the same as the 
average strain over the plastic hinge of a length equal to the beam depth hb. 
The results from Eq.(3.28) were used to estimate beam bar slips. The 
assumed strain distributions inside a column (joint) are summarised in 
Fig.3.28. It is necessary to 
(compression) strains in a beam 
consider 
bar exist 
two strain patterns. Negative 
only at low ductilities, say at 
M = 2 as shown in Fig.3.28(a). At higher ductilities (M ~ 4), large residual 
tensile strains prevail even when the beam bar is in compression 
(Fig.3.28(b)). This phenomenon was discussed in Section 2.3.3. To simplify 
computations, the following idealisations are also made : 
(1) The strains vary linearly inside the joint core. 
(2) Yield penetration into the joint core is ignored. 
(3) At high ductilities (Fig.3.28(b)), the strain at the centre of the column 
is assumed to be zero. 
The local bond-slips of the longitudinal beam bars were estimated as 
follows. In Fig.3.29, horizontal movements of the outer boundaries of both 
th the west and east segments 1 are shown to an exaggerated scale at the m load 
increment with negative ductility being imposed, and at the nth load increment 
with positive ductility. Again the discussion is restricted to changes at the 
bottom bar level. According to the discussions in Section 2.3.4, slip can be 
taken as the displacement of the original centre of a beam bar in the joint 
core from the centre of the column. In this report slip is taken as positive 
for movement to the east, but in the following discussion sign conventions are 
not considered. 
At the mth load .increment (Fig.3.29(a)), the bar slip to the west is 
shown as d . The movements of segment 1, as indicated by linear potentiometer 
m E W 
measurements 6Slm and 6Slm' include this bar slip as well as the change in 
length of (2S 1 + he) of the bar due to strains developed. 
When the imposed ductility to the same level is subsequently reversed 
at the nth load increment (Fig.3.29(b)), the bar slips to the east from its 
d 
m + 
previous position by an amount of 
movements of the segments 1 are measured 
w 6Sln with reference to the before-test 
are a combination of beam bar slip and 
d (shown in exaggeration). Final 
n E 
by linear potentiometers as 6Sln and 
positions. These measurements again 
elongation or shortening of the 
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of column 
S, O.Shc O.Shc S, 
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E 
3 
~ (East beam) 
g~ 
(West beam) 
Segment 1 Segment 1 
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from linear ---
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re2ings , 
Ef'(West beam) 
+ 
0 
+ 
(b) At or above due til ity_ of four 
E1 
fEast beam) 
Fig.3.28 - Assumed strain distributions along bottom beam bar 
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Fig.3.29 - Movements of bottom beam bar with slip 
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bar in virtue of the strains developed. The elongation and shortening, shown 
E W 
as ss1n and ss 1n in Fig.3.29(b), can be estimated as the difference in the 
shaded areas under the strain 
the strains being measured 
referring to Fig.3.29(b), 
(for east beam) 
(for west beam) 
distribution 
at the mth 
of either Fig.3.28(a) or 3.28(b), 
and nth load increments. Hence 
d + d +SSE 
m n ln 
,, 1) 
(3.2Ba) 
; ·; 
(3.28b) 
The distortions shown in Fig.3.29(b) are based on the tensile-compressive 
strain distribution pattern of Fig.3.28(a). It must be noted that at higher 
ductilities, the strain pattern of Fig.3.28(b) prevails. 
'/ (( ! f i 
From Eqs.(3.28a) and (3.2~~), the slip at the nth load increment, dn' 
can be calculated because other quantities are known. There will be two 
•/' / '! 
values of d , one from Eq.(3.2Sa) and one from Eq.(3.28b). They may not be 
n 
identical because of experimental errors involved and the approximations taken 
for the strains. Therefore for estimation of the slip at the following load 
increment, the average of the two d values is taken. 
n 
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CHAPTER 4 
TEST RESULTS OF UNIT lD-I 
4.1 GENERAL BEHAVIOUR 
The test took about four weeks to complete with thirteen cycles of 
loading up to a displacement ductility factor of ten having been attained. 
The overall performance of the test unit was satisfactory in terms of strength 
and ductility capacity. As illustrated by the photographs in Figs. 4.1 to 
4.6 and also Fig. 3.5(a), plastic hinges developed in the beams at the two 
column face~ while fine flexural cracks in· the column over the whole height 
were present. This indicated that the column remained essentially elastic. 
The desired behaviour of a ductile frame, i.e. a "strong column - weak beam" 
mechanism, was therefore achieved in this test. In the joint area, uniformly 
distributed diagonal cracks formed generally at an angle close to 45°. This 
could be reasoned to have resulted from the principal tensile strains in an 
uncracked body, under zero axial load. Joint cracks closed on load reversals 
and the cover concrete remained intact till the end of the test. 
Cracks in the slab were not densely distributed. In addition to the 
photographs previously shown, Fig. 4.7 gives the pattern of the major cracks 
at the top surface of the slab. These cracks have been numbered for 
convenience as they are referred to in subsequent discussions. Except for the 
few cracks extending from the column, all slab cracks originated from the top 
flexural cracks of the beams. Cracks may be grouped into four types, namely, 
(1) extensions of beam flexural cracks which were formed when the top 
fibres of the beams were in tension; 
(2) transverse cracks coinciding with the slab bars placed perpendicular 
to the beams, normally as extensions of type 1 cracks; 
(3) beam-slab interface cracks along the edges of the beams or sometimes 
along the edges of the reinforcing cages within the beams; and 
(4) diagonal cracks extending from flexural cracks at the top of the 
beams to the east and west edges of the slab. 
For instance, the cracks running in the north-south direction and labelled as 
WIN, W1S, W5,W8 amd E9 in Fig. 4.7 belong to type 2. 
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To supplement the reinforcing details given in Fig. 3.1, Fig. 4.8(a) 
I 
shows the layout plan of slab bars. From the cross-section details in Fig. 
4.8(b), it is evident that once flexural cracks formed at the top of the beam, 
they would propagate along the transverse bars which served as crack-inducers. 
Also, since the steel content in the longitudinal direction (DlO bars) was 
very small (p = 0.224%), the concrete between the transverse cracks was able 
s 
to transfer the tensile forces from the DlO bars (see Section 4.5). Therefore 
few large transverse cracks were to be expected. 
Type 3 cracks formed as a result of tensile strains developing in the 
transverse D16 bars. This should be expected to result from gravity loading 
on the continuous slab in the prototype structure. In the test unit, the slab 
carried its own weight only as a double cantilever. The moments resulting at 
the b~am faces were, however, too small to produce any cracks. There were no 
visible cracks present in the slab before the commencement of the beam 
loading. Therefore it is concluded that the simulated earthquake loading must 
have generated additional transverse tension, sufficiently large enough to 
produce, together with the gravity moments, these type 3 cracks at the top 
surface of the slab. The phenomenon is studied further in Section 4.5 and in 
Chapter 7. 
Cracks at the underside of the slab had a pattern generally the same 
as that of the top surface, with the exception of type 3 interface cracks 
which did not appear, as can be expected from earlier discussion. Widths of 
the cracks were not as pronounced as those at the top of the slab. 
Type 4 diagonal cracks were also caused 
the transverse slab bars which, in •:onjunction 
under tension, produced tensile diagonal tensile 
by the tensile stresses in 
¥ith the longitudinal bar~ 
strains in the concrete. In 
Chapter 7, 1vhen discussing the behaviour of slabs in beam-columns joint 
assemblies, it is postulated that between these diagonal cracks, diagonal 
concrete struts were mobilised to act as load paths for the slab tension 
forces to be transferred to the beam and partly to the joint. 
At the end of cycle 13, it was felt that further loading of the test 
unit would only increase concrete crushing and spalling in the beam plastic 
hinges, as well as the buckling of the beam compression bars, but the joint 
Fig.4.1- East beam of Unit 10-1 in cycle 
5 to ductility of v = 2 
(a) East beam at the peak of 2nd cycle to 
Jl. = -6 
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Fig.4.2 - Joint of Unit 10-I in cycle 7 to 
ductility of Jl. = 4 
(b) Joint at the peak of 2nd cycle to 
Jl. = -6 
Fig.4.3 - Unit 10-I in cycle 9 to ductility of Jl. 6 
(a) Joint at the peak of 1st cycle to 
Jl. = -8 
(b) Joint at the peak of 2nd cycle to 
Jl. = -8 
Fig.4.4 - unit 10-1 in cycles 10 & 11 to ductility of J1. 8 
(a) Buckled 024 bar in east beam during 
the 2nd cycle to M = -8 
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(b) East slab at the peak of 2nd cycle to 
M = -8 (view from south) 
Fig.4.5 - Features of Unit 10-I in cycle 11 to ductility of M 8 
(a) 
(c) 
Joint at the end of 2nd cycle to 
M = -10 
Buckled 024 bar in west beam at the 
peak of 2nd cycle to M = 10 
(b) 
(d) 
Buckled 024 & 020 bars in east beam at 
the peak of 1st cycle to M = -10 
Slab and upper column after test (view 
from south-east) 
Fig.4.6 - Unit 10-I in cycles 12 & 13 to ductility of M 10 
N 
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Fig.4.7 -The pattern of major cracks at top surface of slab of Unit lD-I 
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Fig.4.9 - Storey shear-displacement response - elastic cycles 
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Fig.4.10- Storey shear-displacement response- inelastic cycles 
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was not likely to fail. The test was therefore terminated at this stage. In 
the following section, the strength capacity of the test unit is discussed in 
association with ductility demand. Reference strengths have been defined in 
Sections 3.2 and 3.8 and are estimated in Appendix B.3. 
4.2 FORCE-DISPLACEMENT RESPONSE 
4. 2. 1 General 
The column (storey) shear versus displacement curves are plotted in 
Fig. 4.9 for elastic cycles and in Fig. 4.10 for inelastic cycles while the 
force-displacement curves for the east and west beams are given in Figs. 4.11 
and 4.12 respectively. The storey shear plots provide an overall measure of 
the behaviour of the whole beam-column joint assembly and forms a basis for 
comparison with other test results. Fig.4.10 combines the different degrees 
of degradation in the east and wesi beams under opposite loadings, and that of 
the joint. It is therefore useful to examine also the plots drawn only for 
beam displacements and forces. They assist in identifying the behaviour of 
the individual components. In order 
inside circles in Figs. 4.9 to 4.12 are 
to avoid confusion, the numbers drawn 
referred to as load runs rather than 
semicycles. As shown previously in Fig.3.17, the loading history for this 
test consisted of 26 load runs. Cycles mentioned in this report are meant to 
be full cycles, thirteen in total in this test. 
In these figures, it is seen that with increasing ductilities, the 
maximum strength of the test unit as a whole, or of each individual beam 
component, also increased. This was caused by an increasing contribution of 
slab bars in tension and strain hardening in both the beam and slab 
longitudinal tension bars. To indicate the extents of strength enhancement, 
the reference strengths estimated in Appendix B.3 are included in the figures. 
The first-yield displacement of the test unit, A t t was determined y, es 
to be 15.7 mm (i.e. 0.45% of storey height) in the first half of cycle 3 when 
the east beam was subjected to upward force and the west beam to downward 
force. Applying Eq.(3.25), the measured stiffness was found to be 198.4/15.7 
= 12.6 kN/mm. This is 86.9% of the estimated "code" stiffness of 14.5 kN/mm, 
the derivation of which is given in Appendix B.4. It indicates that the test 
specimen was more flexible than expected. However, this information needs to 
128 
-240 
~ ~~ LOAD RUN Q:: NUMBER~ 
-'"~:·PI C' , 1.4 ~ "" 15' (19 2J, /1 w o:-W) (£) Pli = 143.4kN ~ '\. ' 2 
_(j) /~ --/!JJ--. ~-._kJ ?2 ---~o:-1.0 
f- Qj 0.8 ~~ /) 7'--' 1 
'M1if Jg' /h) I 7 7 jEAST BEAMI ct _./_, / 
1 r ~~1· lJ I v l / /pRAM£ 
- ~----/-~~ o:2 lt:f I j if¥ 21 L ~ 2V'/ DLCT/LITY. ~ 
-10 
-8 -6 -- ,.,-4 Vif · '1/ l/1 ~4~_¥1 8 1 10 ._ 
rr -80 #,60 / -4ol/ -fO ~ I /j2o~~40 1 601 1 1 80 '1 tdo-
f-
2bv 17 I I '§t ~~V eEAM DISP(-ACfMEjNT.1 Mllmml 
v 1/ v l~ ~v IUNIT 1D·ll 
f- j j I _J_j~~~-
-0.8 f/- I ---fL~~W VI -1.0 -!7; = 198. 6kN 
-- :rr /Ar vrtl ~ h - I I I 
-1.2 -P,;* = 251.9kN 
25). /:if~/ MY- v~ /~16 12 @- ~ . - -1.4 
21.0 
160 
-... 80 
<: 
~ 
Q.-
~ 0 
~ 
~ 
-80 ~ 
Cl:l 
-160 
-320 1- --1.6 
Fig.4.11 - Force-displacement response of east beam 
160 
80 
~ 
~ 
Q."' 
lJ.i 0 ~ 
tt 
~ -80 
~ 
Cl:l 
-160 
-240 
Fig.4.12- Force-displacement response of west beam 
129 
be adjusted in order to bring it in line with the intents of code 
recommendations for the control of drift, as discussed in Section 1.3.2. 
Therefore from Eq.(1.5b) the ratio of the calculated ideal strength to the 
required strength is obtained as 
vi( test) 
0
·
9 vi(design) 
198.4 
148.9 1.33 
The limiting interstorey deflection of the prototype frame under code 
specified seismic forces can therefore be inferred, applying Eq.(1.4b), as 
15.7/1.33 = 11.8 mm. This corresponds to an interstorey drift of 0.34%, which 
is comparable with the code [6] recommended value of 0.32%. 
The ductility scale drawn in Figs.4.11 and 4.12 for beams was based 
on the corresponding displacements relevant to frame ductilities, since equal 
beam rotations were deliberately imposed in the test (Fig.1.4). If a beam is 
studied independently, its stiffness may be different from that of an 
assembly, because beam test would exclude joint distortion and bar slips. For 
practical purposes, the frame ductilities 
indicators and therefore used as reference. 
4.2.2 Elastic Cycles 
were considered convenient 
For reasons explained in Section 3.6, in the first two cycles of 
loading, the unit was subjected to approximately one half of the force 
corresponding to the ideal flexural strengths of the beams, i.e. 0.5 v1. In 
the negative load runs (i.e. runs 2 and 4), inadvertently forces slightly less 
than O.SVi were imposed. Consequently the east beam experienced less downward 
force than the west one, and this was reflected in the crack pattern. 
However, a similar crack pattern at the east side developed after cycle 3 
(ductility M = tl). It is considered that the test had not b~~n affected by 
this slight deviation. 
It can be seen in Fig.4.9 that loading during the second cycle 
resulted in relatively little hysteresis. Little additional cracking occurred. 
As expected, flexural cracking in the beams developed first near the column 
faces. Cracking of the upper column started early in cycle 1 while cracking 
of the lower column was noted only in the second half of cycle 2. The likely 
reason for this was that the concrete in the upper column had lower strength 
130 
(see Table 3.6) and that it was not subjected to axial compression. The first 
transverse (type 2) cracks in the slab had already appeared in load run 1 when 
the west beam was being pushed downwards. They developed about 120 mm away 
from the west column face and were in line with a 016 slab transverse bar. 
These cracks are labelled as W1N and WlS in Fig. 4.7. They extended from the 
beam to the middle of the slab. Diagonal cracks, labelled W2 and W3 in Fig. 
4.7, also developed and reached the west edge of the slab. No cracking had 
yet appeared in the east slab. Joint cracking during the elastic cycles was 
slight. The first diagonal joint crack appeared on the south face during run 
3. 
In the third cycle which was to impose displacement ductility 
factor of one (~ 1), the yield displacement and stiffness were determined. 
Both the estimated stiffness, Kth ti 1 and experimental stiffness, Kt t' eore ca , es 
are plotted in Fig. 4.9. It is seen that in run 6 (~ = -1), the observed 
stiffness is slightly less than Ktest determined in run 5. 
both runs were about the same during unloading. 
Stiffnesses for 
In load run 5, more cracks were noted in the west slab. As cracks 
W1N and W1S extended to the edges, new crack W4 (Fig.4.7) almost reached the 
west edge. Crack W5 was about halfway in the slab. In run 6, cracks in the 
east slab developed in a pattern similar to that in the west slab. Cracks ElN 
and E1S almost reached the edges. E2, E3 and E4 also formed at the end of the 
load run while crack E5 was only halfway to the south edge. More diagonal 
joint cracks formed in accord with the loading directions. 
4.2.3 Inelastic Cycles 
As seen in Figs 4.10 to 4.12, throughout the subsequent inelastic 
cycles, the observed beam end forces and the derived storey (column) shear 
kept increasing and exceeded reference strengths by a considerable margin. 
Hence the code strength requirement [6] (see Section 1.3) was satisfied. 
A distinct feature of the response of ductile frames is that the 
progressive rise in storey shear (i.e. the frame strength) with increasing 
ductilities would be accompanied by a gradual degradation of stiffness. This 
is seen in Fig.4.10. The hystersis loops, however, show stable energy 
dissipation. The slight pinching at the early stage of each load run reflects 
the major contribution from the beams to the overall behaviour of the unit. 
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'Although there was a steady reduction in overall stiffness as the imposed 
ductility was increased, the unit responded to resistance immediately upon 
load reversals, a feature often absent in the results of similar tests with 
poorly performing joints. 
Curves depicting the force-displacement response of the east and the 
west beams are given in Figs. 4.11 and 4.12 respectively. Hysteresis 
relationships similar to those in Fig. 4.10 confirm that most of the energy 
dissipation ability of the test unit was through inelastic deformations of the 
beams. For both beams the average stiffnesses in the positive (i.e. upward) 
bending case were usually higher than those in the negative (i.e. downward) 
bending case, reasons for which are reviewed in the following. 
In the negative bending case, the bottom beam reinforcement in 
compression had to yield, unless bond deterioration occurred, when previously 
formed flexural cracks closed to allow the required concrete compression to be 
mobilised. This involved ~ considerable reduction in the previously developed 
inelastic tensile strains in the bars, and was necessitated by the large 
tensile forces developed in the top reinforcement. Also some bond slip of the 
bottom beam bars inside the joint core would have augmented this action. The 
negative response curves for the beams suggest that approximately the first 
half of the beam force in each load run was resisted by a steel couple only. 
In the second half stage, concrete in compression at the bottom fibres began 
to contribute to the negative flexural strength. The negative response curves 
for the beams of all three test units had a common feature. Up to a ductility 
of ~ = 8 stiffness during the second half of a load run were consistently 
greater than that in the first half. 
contribution to flexural compression 
displacement of the beams progressed. 
This indicated the commencement of the 
of the bottom concrete as downward 
The phenomenon of pinching was more 
noticeable when a beam was at the early stage of downward displacement, 
commencing from run 18 for the east beam (Fig.4.11) and run 19 for the west 
beam (Fig.4.12). It is likely that this was due to bond deterioration along 
the bottom bars which by then should have been subjected to very large 
inelastic strains, both in tension and compression. A certain amount of slip 
might have been necessary before the bottom bars could be engaged by the 
surrounding concrete, also subjected to some spalling, to carry compressive 
forces. This agrees with the truss mechanism of shear resistance in beams, as 
was discussed in Section 2.3.4. 
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The response curves for upward loading exhibited greater initial 
stiffnesses. The ''seismic" steel-couple concept (see Section 3.8.2) assumed 
that the top steel did not have to yield when in compression. It is evident, 
however, from the observed stiffnesses seen in Fig.4.11 and 4.12 that a 
contribution of top concrete in compression to the flexural resistance, as 
expected in normal T-beams, was effective at early stage of each load run. 
This feature was supported by the measured shortening of the top fibres, as 
reported in Section 4.3.2, and the observed closing of flexural cracks across 
the top of the beam and the adjoining slabs. This indicated the existence of 
a flange subjected in part to concrete compressive stresses. Flexural 
analysis of doubly reinforced T-beams shows that the neutral axis usually lies 
near to the top fibre. This is confirmed in calculations presented in 
Appendix B.2 for the ideal positive flexural strength of a beam section, 
beased on a reasonabl~ effective flange width. 
The measured upward acting tip beam forces consistently exceeded by a 
considerable margin the magnitude of the theoretical ''seismic" force 
(+)Pi= 111.7 kN (case (a) in Table B.3, deriving from the ideal flexural 
strength of beam section based on steel-couple only), even at a ductility as 
low as~= 1, as can be seen in Figs.4.11 and 4.12. When the east beam forces 
are compared to the reference theoretical force inclusive of flange 
contribution in compression, namely (+)P 1i = 143.4 kN (case (d) in Table B.3, 
deriving from the ideal flexural strength of beam section based on ACI stress 
block method and an assumed flange width in compression as explained in 
Section 3.8), the maximum excess is 27% in run 23 (~ = 10). In Section 3.8.1, 
it was suggested that the material overstrength factor relevant to measured 
strength, A , be taken as 1.18 (i.e. 
o,m 
effective flange width in compression may 
+18%). It appears therefore that the 
be much larger than that assumed in 
(e) and (f) with larger effective case (d). Strengths computed for cases 
flange widths are also listed in Table B.3. 
Under downward bending, both beams showed even greater increase in 
peak strengths, since there were a larger 
provide additional tension reinforcement. 
4.11 and 4.12, the increase is seen to 
number of additional slab bars to 
From the normalised scales in Figs. 
be quite significant. The maximum 
strength attained in load run 19 (~ = 8) for the west beam was 45% above the 
ideal downward force (-)Pi, or 14% above 
Because of the different top and bottom 
3.1), the extent of strain hardening in 
t~e probable maximum force (-)P!· 
reinforcement contents (see Table 
tension of the top beam bars and 
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parallel slab bars is expected to be less than that of the bottom beam bars. 
This indicates therefore that more slab reinforcement than that recommended by 
NZS 3101 [4] (Fig.3.6) should be included in estimating the flexural 
overstrength of the beam when large inelastic displacements are to be 
expected. 
In the last two cycles to ~ = 10, the peak storey shear was 137% of 
Vi or 119% of Vi*' and the storey drift was 4.5% of the storey height. A 
ductility of approximately~= 4.5 corresponded to a storey drift of 2%. The 
overall response resulted primarily from the contribution of the east and west 
beams. Major sources of deformations originated also from shear distortion of 
the joint core. These features are discussed in Section 4.3. In a well 
designed beam-column joint assembly, such as this test unit, joint distortions 
should not be excessive. 
As flexural cracking in the beams and column continued, diagonal 
cracks at the mid-depths · of the beams also appeared. These are seen in 
Fig.4.1 and Fig. 4.3(a). As expected, the inclination of these cracks was 
larger when downward force was applied to a beam end. Concrete crushing and 
spalling were noted in the plastic hinge regions. The D24 bars in the bottom 
of the east beam were ex~osed first during load run 22 (second cycle to ~=-8). 
A buckled bar is seen in Figs. 4.4 (b) and 4.5(a). On load reversal the bars 
straightened again. It was evident then that these bars were effectively 
anchored in the joint core. In run 23 (first cycle to~ = 10), all bottom 
bars in the beams at both sides of the column were exposed (Figs.4.6 (a) to 
(c)). At this stage these bars buckled between the first two stirrup ties, 
which were initially spaced at 120 mm, i.e. six times the bar diameter of 020. 
The efficiency of recommended spacing [4] of stirrups to restrain main bars 
under compression from buckling at lower ductilities was verified in this 
test. Flexural cracks were evenly distributed over the whole column height. 
There was never any sign of distress within the column. 
In th~ west slab, cracks W6 and W7 (shown in Fig. 4.7) formed in run 
7 (first cycle to ~ = 2). At the same time, crack W8 developed from crack W4 
and proceeded gradually to reach the south edge in run 15 (first cycle to ~ = 
6). In the east slab, diagonal crack E6 formed in run 8 (first cycle to~ 
-2). Crack E7 started simultaneously but propagated slowly, and reached the 
edge of the slab in run 12 (first cycle to~ = -4). At this stage it branched 
out to form crack E9. The propagation of crack E9 stopped, however, in run 20 
Column 
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(first cycle to~ = -a). Crack Ea was first noted in run 16 (first cycle to~ 
~ -6). It branched into cracks ElO and then Ell in run 20. The transverse 
cracks along the centre-line of the slab, ClN and ClS, started from the column 
faces in run a. They were primarily affected by downward displacements at the 
east beam. Crack ClN reached the north edge in run 12 (first cycle to ~ = -4) 
while crack CIS reached the south edge at run 14 (second cycle to~= -4). 
The width of the diagonal cracks in the joint area ranged from 0.5 mm 
to 1.0 mm at ~ = a. In the last two cycle of~ = 10, a maximum crack width of 
1.3 mm was detected. All joint cracks were found to close as load reversed. 
Sliding shear displacements along diagonal joint cracks, observed visually, 
were very small. 
4.3 DISPLACEMENT COMPONENTS 
4.3.1 Joint Deformations 
Deformations at the north and south faces of the joint core ~ere 
measured by the method described in Section 3.9.4 and summarised in Eq.(3. 19). 
The instrumentation enabled the changes in linear strains along the two 
diagonals, namely Jl-J3 and J2-J4, as indicated in the insets in Figs.4.13 and 
4.14, to be measured. Variations of measured strain, read on both faces on 
the joint, are shown in the two figures. Positive (tensile) strains represent 
elongation of the diagonal while negative (compressive) strains refer to 
shortening of the diagonal. The relatively large and progressively increasing 
magnitude of tensile strains and the consistently small and approximately 
constant magnitude of compressive strains verify that the joint core was 
predominantly being dilated. This gradual expansion of the joint core can be 
readily explained with the aid of the postulated truss mechanism of shear 
resistance, discussed in Section 2.3. It should be noted that elongations and 
expansion (i.e. tensile strains) were 
strains developed within the joint core, 
resulted from the essentially elastic 
subjected to diagonal compression forces 
controlled primarily by steel tensile 
whereas the small compressive strains 
response of the concrete which was 
within this core. 
Corresponding joint 
distortions at the north and 
Fig.4.15. The shear strain 
shear strains ,, representing progressive 
south faces of the joint core, are plotted in 
response is also shown in Fig.4.16, this time 
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in terms of the average strains and storey shear forces or storey 
displacements. The pinched loops in Fig.4.16(a) suggest that joint 
distortions contributed to the stiffness degradation of the test specimen. On 
the other hand the spindle-shape response loops in Fig.4.16(b) indicate the 
dilation of the joint core being in proportion to the magnitude of imposed 
interstorey displacements. 
The effects of joint distortions on the total deformations of the 
test assembly are discussed in Section 4.3.3. 
4.3.2 Beam Deformations 
Using the method described in Section 3.9.2, the longitudinal 
movements of the critical parts of the east and west beams relative to the 
column were derived and these are shown in Figs.4.17 and 4.18. In general, 
the top and bottom fibres lengthened, corresponding with the opening of cracks 
in the concrete, and shortened, corresponding with closing of cracks when the 
concrete would have been subjected to compression. These were in accordance 
with the loading directions as indicated by the ductility levels. An 
observation of interest is that even at a ductility as high as 10, at segments 
A of both the east and west beams (Figs.4.17(b) and (d) and Figs. 4.18(b) and 
(d)) the residual lengthening was smaller than 2 mm when the concrete was in 
compression. This implied that the cracks caused by tension in segments A 
closed upon load reversals. This is particularly significant for the top 
fibres, bearing in mind that the top beam reinforcement content was almost 
twice of that in the bottom of the beam. The tensile elongations in both top 
and bottom fibres of segment A were at this stage in the range of 10 mm. For 
a reduction in length of 8 mm at one face of the ~olumn, there should be a 
drop in tensile strain of the order of 5%. This appears impossible in view 
of the strain results presented in Section 4.4. It is therefore surmised 
that local bond-slip of the beam bars within the joint, coupled with the 
rotation about the beam bars, both of which having been discussed in Section 
2.3.4, in fact took place and enabled cracks to close at the column faces. 
Estimation of the bond-slip is presented subsequently in this section. 
There is a greater difference between the movements of the top and 
bottom fibres of segments B (Figs.4.17(a) and (c) and Figs.4.18(a) and (c)). 
The bottom fibres were subjected to larger strain reversals, corresponding to 
distinctive opening and closing of cracks. This was due to the difference in 
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beam reinforcement contents. Nevertheless, it is observed that between 
ductilities of ~ = 4 and 6 (or in terms of interstorey drifts of 1.87% and 
2.7%), the largest residual lengthening in the top fibres was 4.9 mm. 
Components of the lengthening of beams are summarised in Fig.4.19, in 
which the total changes in length of the mid-fibres of both the east and west 
beams at the peaks of inelastic displacement levels are shown. The summations 
of the lengthening of segments in each of the two beams, giving the total 
elongation of the unit due only to the segmental lengthening are also seen in 
Fig.4.19. It is evident that inelastic displacements results in considerable 
elongation of the beams, a feature which, in terms of structural design, 
requires further consideration. 
Strain distributions at the top and bottom layers of the beam bars, 
derived from linear potentiometer measurements, are shown in Figs.4.27 and 
4.28 of Section 4.4. 
Curvatures over the 1.5hb region of each beam (Fig.3.23) are 
presented in Fig.4.20 at the centre of each gauge length for all load runs at 
their peaks. As explained in Section 3.9.2, the average curvatures of the 
first * segment, 01, were calculated according to Eq.(3.10(b)). At low 
ductilities, distributions of observed curvatures were fairly consistent. At 
high ductilities, however, curvatures within * the first segment, 01, were 
generally smaller than those over segment 2. It should be noted that 
Eq.(3.10(b)) assumed that strain over the whole length of segment 1 was 
uniform. This, however, is not the case, as has been demonstrated in Section 
3.10. Furthermore, as a result of the spreading of plastic hinges associated 
with the continuing increase of inelastic tensile strains from the column 
faces into the free ends of the beams, the curvatures over segments 2 and 3 
should increase significantly. 
Some other irregularities in the curvature distributions are believed 
to have been caused by crack developments within a gauge length. Features 
given in Section 3.10 regarding strain variations, as determined by linear 
potentiometers, are also applicable to the interpretation of curvatures. 
Slips, i.e. rigid body movements, of 
core were estimated according to the method 
the beam bars within the joint 
described in Section 3.10. The 
results are presented in Figs.4.21 and 4.22 for the top and bottom layers 
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respectively. As can be seen, results from the west beam and east beam 
measurements do not match closely. Because of the numerous idealisations and 
simplifications made in the calculations (see Section 3.10) this can be 
expected. However, the trend of gradual increase of slip is evident. Slips 
of the top layer bars were larger probably because bond deterioration was more 
severe with more bars provided. Also by considering the sedimentation and 
hardening processes after concreting, it appears that the bottom layer bars 
had a better environment to develop bar anchorage. It can be concluded that 
during large cyclic attacks, slips can amount to 1 to 2 mm in a well designed 
one-way beam-column joint. 
4.3.3 Decomposition of Displacements 
In Figs.4.23 to 4.25, various displacement components at successive 
loading stages are expressed as percentages of the total observed beam 
deflections or in terms of the derived equivalent column drift. The 
principles of calculations have been given in Section 3.9. 
As seen in Figs. 4.23 and 4.24, results for the first two elastic 
cycles are fluctuating because inevitable errors affect small readings much 
more significantly. In low due tili ty cycles (f.l- = 1 to 4), some "excessive" 
deformations were derived for the west beam (Fig.4.24). Nevertheless the 
graphs give a general and reasonably convincing picture of how the different 
components affect overall displacements. As the elastic column and beam 
deformations (6 1 and 6 1 b( h )) account for a relatively small proportion ,c , ot ers 
of the total beam displacements, more sophisticated estimation of these ~ill 
not change the percentage distribution significantly. The important 
conclusion drawn from Figs. 4.23 and 4.24 is that while joint distortion 
accounted for about 26% of total beam displacement at f.l-=2, this proportion 
decreased to less than 20% at higher ductilities. This is considered to have 
been due to adequate joint reinforcement which had been provided to carry the 
shear forces in the joint while remaining essentially elastic. Another poinc 
to note is that joint deformations, normally neglected in the analysis of 
elastic structures, are particularly significant, while the structure was 
still elastic, i.e. when M = was being approached. This signifies the 
necessity of having to make some allowance for joint distortions, if the 
stiffness of frames is to be realistically estimated for the purposes of the 
definitions of drift and displacement ductility. 
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As applied forces were increased, deformations in the beams continued 
to contribute most significantly to the total displacements. Some inelastic 
beam deformations may have also occurred outside the l.Shb region. These are 
included in the "unaccounted" parts of deflections. It is of interest to note 
that of the deflections originating from the 1.5hb length of beams, a 
substantial part of the displacement was due to bar slip and bar elongation 
under tensile strain within the joint core, as represented by the part 
labelled "segment 1" measurement. 
In Fig. 4.25 the normalized storey (column) displacements are divided 
into three major components. The first component is due to the joint 
distortion as measured during the experiment. The second component involves 
elastic bending and shear deformations of the column under horizontal shear, 
estimated by traditional analytical methods. The last component, considered 
to be due to beam deformations, was taken as the difference betwen the total 
storey displacement and the first two components (see Eq.(3.8)). The beam 
component of deformations is further sub-divided into three parts in order to 
show the relative importance of the sources of deformations contributing to 
storey drift. These beam deformations have been presented in Figs.4.23 and 
4.24. The contributions of component distortions to the total storey drift, 
shown for the entire loading history in Fig. 4.25, reveal the following 
pattern 
( 1) Joint distortions were 
increasing imposed 
disproportionately. 
well controlled 
ductilities, and 
during 
did 
progressively 
not increase 
(2) The major sources of storey drifts were beam distortions, as 
intended. This corroborates the evidence for very good energy 
dissipation properties tot the entire unit, given by the hysteretic 
response shown in Fig. 4.10. 
(3) Columns remained elastic, dS intended, and hence their contribution 
to total deflection diminished as imposed ductilities ~ere being 
imposed. 
4.4 BEAM BAR STRAINS 
Of the 28 strain guages installed on the beam bars, three were found 
inoperative. Results from the remaining 25 gauges are plotted in Fig.4.26 for 
the entire range of ductilities although it has been concluded in Section 3.10 
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that strains measured at a ductility of four or above were too low and not 
considered to be correct. The intention of this presentation is to provide 
further demonstration of the differences with respect to strains derived from 
linear potentiometer movements, which are shown in Figs.4.27 and 4.28. In 
Figs.4.26 to 4.28, the solid lines represent strains at positive ductilities, 
while the broken lines stand for negative ductility results. 
The three figures indicate that strain readings consistently showed 
compressive stresses in both top and bottom bars when the sense of 
displacement would cause compressive strains in the corresponding fibres. 
Thus bars passing through the joint had to sustain simultaneously tensile and 
compressive stresses at opposite faces of the column, although it is not 
likely that strain hardening in compression would have been attained. From 
the limited information given in Fig.4.26, which shows consistent low tensile 
strains at the centre point of the column, it is concluded that despite some 
bond slips of the beam bars (Section 4.3.2), high bond stresses were sustained 
and the bars were well anchored. Thus the nominal embedment length of 25db 
for the 024 bars proved completely adequate even for this extreme load 
sequence. 
Strain results shown in Figs.4.27 and 4.28 have features similar to 
the curvature profiles in Fig.4.20 discussed in Section 4.3.2. The spreading 
of plastic hinges is evident. It should be noted that each time when the 
loading was reversed, the reductions in 
greater for the bottom layer beam 
significance when considering that the 
were found to be larger along the top 
tensile strains at column faces were 
bars. This phenomenon is of more 
bond-slips estimated in Section 4.3.2 
layer bars. Strain changes at the 
bottom bars were attributed ro the difference in beam reinforcement contents. 
An interpretation from Fig.4.28 is that the maximum compressive steel stress 
at column face, up to a ductility level of ~ = 6, was not likely to exceed f , y 
in agreement with the review conclusions of Section 2.3.3. At M = 8 or more, 
the continuing crushing and spalling of concrete became more severe so that 
buckling of beam bars took place before strain hardening of beam bars in 
compression could be achieved. 
Although it is impossible 
stresses in the inelastic range from 
magnitude of the compressive stresses 
the ideas developed in Section 2.3.4. 
to determine accurately the beam bar 
the test data available, the order of 
at column faces can be estimated using 
The largest positive upward force at 
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beam tip was measured as 183 kN 
Figs.4.11 and 4.12). Applying 
in the east beam in run 23 at M = 10 (see 
the simplified 45o truss model for shear 
transfer in the beam and using the symbols of Fig.2.16(a), the horizontal 
forces are estimated as follows : 
(at bottom) 
(at top) 
T2 (1533.1) 275 (1.25) 10-
3 
ec2 ;::::: 183 kN 
527 kN 
Thus es 2 ;::::: 527 - 183 = 344 kN, corresponding to a steel compressive stress of 
only fsZ = 141 MPa or 0.49 f where f = 290 MPa. However the value of y,m y,m 
ec 2 could be even larger, indicating that fs 2 would diminish further. 
On the other hand, under downward displacements, the maximum negative 
tip force observed was 288 kN in the west beam in run 19 at M = 8. If the 
above procedure was repeated by assuming (referring to Fig.2.16(a) for 
compressive stress f, 
sl in the bottom beam bars symbols) eel = 288 kN, the 
would need to be as high as 1. 8 f y,m As discussed earlier, the maximum 
possible value for f' 1 could be 1.0 f s y,m In this case, the concrete 
compression force eel becomes 663 kN. Using the Aei stress block method (see 
Section 3.8.2), it is estimated that the neutral axis depth, measured from the 
bottom fibre of the beam, needs to be 77 mm. This requirement appears to be 
easily achieved in downward bending of the unsymmetrically reinforced beam. 
4.5 SLAB BAR STRAINS 
A total of 104 strain gauge were fixed to the longitudinal and 
transverse bars in the southern half of the slab. Four gauges were not 
working before test started, and later nine gauges failed to function 
properly. 
Bar strains obtained are plotted in Figs. 4.29 and 4.30 in which slab 
bar spacing was drawn to scale. For clarity strains at positive (full lines) 
and negative (dashed lines) peak ductilities were shown on separate graphs. 
The purpose of extensive instrumentation was to estimate the tensile force 
distribution across the flange width, and the extent along the beam lengths. 
It was hoped that the results would assist in the study of the mechanism of 
force transfer from the slab bars to the joint. It was disappointing to find, 
however, that the test results did not fully assist in this study. As seen in 
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Figs. 4.29, not much useful information was 
distributions in the east portion of the slab 
obtained for the strain 
because of failing strain 
gauges. Some transverse 016 bars exhibited compression strains (Figs. 4.30) 
which required special examination. 
In the figures, the major cracks have also been drawn. It is thus 
clearly seen that the crack pattern, which was largely affected by the layout 
and amount of the reinforcement (Fig.4.8), affected strain distribution 
significantly. Large tensile strains consistently developed at or near 
cracks. Negligible strains in the longitudinal bars were recorded where the 
surrounding concrete was not cracked (Fig. 4.29). 
The tensile force that can be transmitted by the 010 bars, when 
developing the measured yield strength at 326 MPa, is 73 kN per metre width of 
slab. Assuming the tensile strength of concrete to be the same as the modulus 
of rupture, f = 0.6Vf' [4], the tensile force that the concrete of the slab 
r c 
would carry is estimated to be of the order of 370 kN per metre width. Hence 
between major cracks (such as cracks WlS and W8 in Fig. 4.7), the concrete 
slab of the test unit would have been quite capable of transferring in tension 
the steel tensile forces developed at the cracks, even when the bars entered 
strain hardening. Indeed, the strain readings suggested that the slab, when 
in tension according to the sense of loading, could transfer a tensile force 
equivalent to the area of steel present. 
While in general bar strains increased with higher ductilities, 
smaller local tensile 
4.29(a) and (b)). As 
strain 
seen 
were also recorded by several gauges (Figs. 
in the photograph in Fig.4.6(a) the transverse 
cracks WlN, ClN and ElN (Fig.4.7) were very wide (varying from 1 mm to 5 mm at 
M = 4). The tensile steel strains at those cracks might have been several 
percent. Strains measured close to but not at the major cracks, even though 
rather large, are not likely to be indicative of local curvature or actual 
slab deformation. As cyclic loading progressed, bond along the 010 bars, at 
either side of a large crack, would have deteriorated. This in turn would 
have allowed yielding along these bars to spread, resulting in reduced tensile 
strains. Relatively large tensile strains were recorded in the transverse 
016 bars near to the beam tips (Figs.4.30(a) to (d)) especially at ductility 
levels larger than 6. At these advanced stage of the test, shear 
displacements of the slab at the beam tips were observed, as shown in 
I 
I 
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Fig.4.30 - Transverse north-south slab bar strains (continued) 
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_Fig.4.31. This caused wide cracks to form through the slab which introduced 
dowel shear forces to the transverse slab bars. 
Despite significant irregularities in the distribution of observed 
strains noted above, the following generalisations can be derived from 
Figs.4.29 and 4.30 : 
(1) The longitudinal D10 slab bar nearest to the column was greatly 
influenced by the flexural action of the beams, as can be expected 
from considerations of strain compatibility (Fig.4.29). 
(2) Consistent tensile strains were also observed in the longitudinal D10 
(3) 
slab bars placed further away from the column (Fig.4.29). 
generally increased with increasing imposed ductilities, as 
Tensile strains developed also in the transverse D16 
Strains 
expected. 
slab bars 
(Fig.4.30), with a general tendency of strains increasing from the 
southern free edge of the slab towards the beam-slab interface. 
Furthermore, within the range of ~ = 1 to ~ = 4, tensile strains in 
the transverse bars near to the beam ends were conclusively larger 
than those in the bars near the column. Distinct deviations from 
these observations were found in the top layer bar (Fig.4.30(a)) and 
the bottom layer bar (Figs.4.30(c) and (d)), both at the west face of 
the column. However, it is believed that these and other small 
irregularities were more likely caused by the cracks in the slab. 
A major task aimed at in this project was the assessment of the role 
of the cast-in-place floor slab in the overall response of a beam-column joint 
test assembly. As expected, it was difficult, and in fact impossible, to 
obtain a full set of reliable and consistent strain data so as to 
quantitatively evaluate the different aspects of slab behaviour. 
Nevertheless, a meaningful interpretation of the steel strain measurements can 
still be made by relating the results qualitatively to some structural models 
to explore the mechanisms of slab actions. These models are postulated in 
Chapter 7 following further presentation of test results for Unit 2D-I in 
Chapter 5 and Unit 2D-E in Chapter 6. The primary purposes of such study are 
to understand, and assess, the beam flexural strength enhancement through slab 
acting as tension flange, and the consequent introduction of additional shear 
forces to the beam-column joint. 
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4.6 COLUMN BAR STRAINS 
There were 16 strain gauges fixed on to the column main bars. Two 
had been damaged during concreting and two more were found faulty at the start 
of test. Figs. 4.32(a) and (b) show the distribution of bar strains at the 
first peaks of successive ductilities. It was very unfortunate that some 
strain gauges failed, especially the three which were positioned to show the 
strain variations of the intermediate bars C2 and C3. The column intermediate 
bars have been considered to play an essential part in the resisting mechanism 
of vertical joint shear (Fig.2.4). 
At low ductilities (M=4), some tensile strains remained at levels 1 
and 4 (Fig. 4.32(a)) in the exterior bars C1 and C4 despite the loading 
condition that should cause compression. It has been observed in previous 
tests[39] that the strains measured in column bars next to the beam bars were 
affected by the action of intersecting beam bars and particularly the local 
high bond forces from the beam bars: At ductility of M = 6, strains in the 
west and east column bars (C1 and C4 respectively) had reached or slightly 
exceeded yield level. This was observed at the top as well as the bottom end 
of the joint region (Fig.4.32(b)). Strains continued to increase but only 
slightly, as expected, at higher ductilities. 
As for the intermediate bars, C2 at level 4 showed tensile strain 
after the load run toM -1. However, this was always below yield value. 
This tensile strain always decreased to a smaller value at positive 
ductilities, for which case the bar should be subjected to compression. For 
both bars C2 and C3 in the mid-depth region of the joint (i.e. between levels 
2 and 3), even larger strains were found. The moment patterns shown in Fig. 
2.17 suggest that the column moment along the centre-line of the beams should 
be zero. The observed strain distributions just described therefore implies 
that the intermediate bars, which at this level should exhibit negligible 
. •, 
: :: : 
: . : ~ : 
Fig.4.31 - Slab shear displacement near beam tip at large ductilities 
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strains according to the moment diagram, participated in the mechanism of 
joint shear resistance. 
That tensile strains existed in column bars but did not conform with 
the sense of flexural actions can be explained using the models in Fig.4.33. 
The truss mechanism illustrated in Fig.2.4(d) is reproduced in Fig.4.33(a). 
At a node of this truss, such as the one shown in Fig.4.33(b), vertical bond 
forces are sustained by a diagonal concrete compression strut and a tensile 
force in the leg of the transverse joint hoop. This tensile force can be 
readily developed by means of a 135° hook. Similarly horizontal bond forces 
are to be resisted by a similar mechanism (Fig. 4.33(c)). Bar forces due to 
flexural actions are not considered in Fig.4.33(c). To develop the tensile 
force in the column bar due to truss action it needs to be anchored beyond the 
edge of the joint core (i.e. in the column above the joint) by means of bond 
forces. The idealized distribution of stresses necessary to sustain this 
truss action together with flexural stresses are shown in Fig.4.33(d). The 
pattern of the resulting combined stresses in Fig.4.33(d) is similar to that 
measured during the test. The participation of the intermediate column bar in 
truss action accounts for the significant tensile strains at middepth of the 
joint core. 
It is evident that the role of vertical intermediate column bars is 
the same as that of the horizontal joint ties. The significant difference in 
joint action in the vertical direction arises from the contribution of the 
column at the boundaries of the joint core. The relevant column sections are 
ll 
expected to remain elastic at all times. hence vertical flexural concrete 
compression stresses may be assumed to be transmitted to the core at all 
stages of the inelastic response of the frame (Fig.2.4). Moreover, as tensile 
stresses in the intermediate column bars at and beyond the horizontal edge of 
the joint core have increased, as seen in Fig.4.33(d), increased flexural 
concrete compression forces must be developed in the column, as dictated by 
equilibrium criteria. This will enhance the functioning of the strut 
mechanism shown in Fig.2.4(c). It is for this reason that code provisions 
[4], summarized in Appendix A, assigned one half of the vertical joint shear 
force to each of the two joint mechanisms. When no axial load is applied onto 
the column, the observations also agree with the design procedure proposed in 
Section 8.3. 
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At high ductility of ~ = 10, it was estimated that the exterior bars 
447 MPa at the face of the joint 
f y 500 MPa for HD24 bars. Using 
Cl and C4 were subjected to tensile stress of 
core. This is near the yield strength of 
the assumption of Vch = 0.5 Vjh [4], the 
intermediate bars such as C2 and C3, would 
tensile stress in each of the four 
have to be about 570 MPa, i.e. 18% 
above the measured yield strength f 482 MPa for HD20 bars. This stress y 
level agrees well with those implied by the strain variations for bars C2 and 
C3, shown in Figs. 4.33(a) and (b). 
4.7 STRAINS IN THE JOINT TIES 
It was disappointing to discover that four out of fourteen strain 
gauges failed to give complete strain readings. Readings from these gauges 
were considered more meaningful because plain round bars were used for ties, 
thus readings were less likely to be affected by bond stresses and more likely 
to indicate average strains in tie legs. However, in later tests when a pair 
of strain gauges was used, one mounted to the top and the other to the bottom 
surface of a bar, to measure the strains in a tie leg of Unit 2D-I or 2D-E 
(Chapters 5 and 
considerable. 
6), the difference between readings was sometimes 
Strain results are presented in Fig.4.34. It is seen that legs of 
type B ties were subjected to significantly larger tensile strains, especially 
at midheight (layers 2 and 3) of the joint. Yield strain E was reached at y 
layer 2 during the cycle with ~ 2. Outer legs of type A hoops showed lower 
strains. Strains in these legs approached yield level only at higher 
ductilities, i.e. at M = 8 or 10. Legs of type C hoops were subjected to the 
smallest strains. 
The fact that the legs of type B hoops were more highly stressed than 
those of type A hoops may be attributed to the beam width (400mm) being 
smaller than the column 'ddth (550mm). This is illustrated in Fig. 4.35. 
Horizontal joint shear is introduced by the beam bars through bond stresses 
(see Section 2.3) It is evident that the inner tie legs '"ere under the 
influence of all beam bars, while the outer tie legs were affected primarily 
by outer two bars. 
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The two principal mechanisms of shear resistance of an interior joint 
core in a planar frame have been reviewed in some detail in Section 2.3. It 
was shown that with the formation of diagonal cracks in the joint core, as 
observed in this test (Figs.4.1 to 4.6), the horizontal joint shear resistance 
was redistributed from the strut to the truss mechanism. The gradual but 
consistent increase in tensile strains in the horizontal ties, shown in 
Fig.4.34, indicates such a transfer of joint shear resistance. Also by 
considering a more realistic distribution of bond stresses of beam bars due to 
the effect of yield penetration with intensities at the central region well 
above the theoretical average, as suggested in Fig.2.8, it may be concluded 
that the central parts of the horizontal and vertical truss members will have 
to resist larger forces. As seen in Fig. 4.34, the centre two ties (layers 2 
and 3) were indeed consistently more highly stressed than those near the top 
or bottom beam bars (layers 1 and 4). When presenting column bar strain 
distributions in Fig. 4.32 it was also shown that intermediate bars C2 and C3 
were more highly stressed at levels 2 and 3. The experimental results give 
strong support for the postulated ·functioning of the truss mechanism. An 
implication of the above observation is that, to utilise the capacity of all 
joint hoops more effectively, they should be placed closer to the middle 
region. The straining of ties in the immediate vicinity of beam bars is 
likely to be governed by the strains along these beam bars. Therefore the 
efficiency as ties of a truss mechanism is reduced. 
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Strains in the transverse legs of type D hoops were moderate. This 
indicates that the joint did not require significant confinement. Some tensile 
strains in transverse ties must necessarily 
anchorage forces at the corners, resulting 
bars. 
result from the transfer of large 
in the legs parallel to the beam 
In summary, this test showed that the horizontal joint reinforcement 
played an active and important role in the resistance of joint shear. It 
supported the finding that beam bars were well anchored and that shear forces 
introduced by beam bars to the joint core were primarily by means of bond 
within the joint, as was intended by established design practice [4]. 
Transverse reinforcement provided has been satisfactory in that the strain 
distributions observed did not indicate unrestricted yielding of all ties. 
This could be related to the controlled joint shear distortions discussed in 
Section 4.3. The predominantly elastic response of joint shear reinforcement 
even at large ductilities suggests that the amount of this reinforcement might 
be somewhat reduced. This is considered in Chapter 8. 
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CHAPTER 5 
TEST RESULTS OF UNIT 2D-I 
5.1 GENERAL BEHAVIOUR 
Eighteen cycles of loading up to a displacement ductility factor of 
eight were completed in about three weeks. In terms of maintenance of 
strength and ductility capacity the test unit performed satisfactorily, 
although the response was not as good as that of Unit 10-I. Test observations 
are similar to those made in the first test, such as plastic hinging in th~ 
beams at all column faces, fine flexural cracks developing in the column 
indicating elastic behaviour of the column, and propagation of cracks in the 
floor slab. The test unit at progressive stages of loading is shown in 
Figs.5.1 to 5.6 as well as Fig.3.5(b). Since there were four beams meeting at 
the column, cracks in the joint area could not be recorded, nor could the 
joint distortion be measured. However, at the 100 mm wide exposed face of 
each side of column corners, a limited number of fine diagonal cracks near to 
the beam edge, approximately at an angle of 45o could be identified as 
presumed extensions of interior diagonal joint cracks. Their widths never 
exceeded 0.5 mm. They closed on load reversals. Some horizontal cracks in 
these regions stareted from the edges of the column. These were obvious 
flexural cracks due to column bending. Some of these diagonal and horizontal 
cracks, developed at a ductility level of one, can be seen in Fig. 5.1. At 
larger ductilities (e.g. Figs. 5.4 (c) and 5.5 (c)), there was no significant 
increase in the number of these cracks. Flexural cracks of the beams at the 
column faces obscured somewhat the observation of these cracks. At the 
extreme case (Figs. 5.6(a) and (c)), spalling and crushinv of concrete in the 
plastic hinge regions of the beams extended into the column and caused the 
column corners to fall off, Even the north-west corner above the slab (Fig. 
5.6(b)) fell off. 
Cracks in the slab of this 
distributed than in the first unit. 
unit was more densely and evenly 
In addition to the photographs 
reproduced, Fig.5.7 shows the pattern of the major cracks at the top surface 
of the slab. The cracks may be grouped into the same four types previously 
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defined in Section 4.1. 
diagonal cracks observed, 
layout in two-way slab. 
Of special importance is the larger number of 
an evident result of symmetrical reinforcement 
Similar to Unit 10-I, cracks at the underside of the slab followed 
the top side's pattern, although the crack widths were much smaller and crack 
formation in the first few cycles of small ductilities was not significant. 
Bending of the slab quadrants could be r.onsiderable at early stage of the load 
history, but at advanced ductilities this became insignificant. 
Starting from the first two cycles to uni-directional ductility of 
M = 8 (north-south, and then east-west), stretching and buckling of the beam 
bottom bars became visible after the spalling of concrete. A buckled bar in 
the north beam at the end of cycle 18 can be seen in Fig. 5.6(a). In the last 
run, the 024 and 020 bottom bars of the east and west beams slipped completely 
inside the joint. 
In addition to monitoring the movement of the unit consistent with 
the direction of loading, attention was also paid to the out-of-plane 
movements at the joint level by analysing the readings from the total twelve 
faces of the column. Under uni-directional dial gauges at the north and west 
loading, an absolute movement of 
perpendicular direction was recorded. 
made in the test of Unit 10-1. It 
test results. 
the joint of less than 1 mm in the 
This was similar to the observation 
was not considered to have affected the 
This monitoring was further supplemented by installing four dial 
gauges, one at the side of each beam end. As explained in Section 3.5.2, the 
purpose was to give an indication of the horizontal movements of beam ends 
relative and transverse to the joint region. Since the dial gauges were 
placed at approximately the middepth of the beams, it was hoped that any 
twisting of transverse beams would not significantly influence these readings. 
The results were assessed in conjunction with the readings on twelve dial 
gauges mentioned above. It was concluded that : 
(1) Under uni-directional displacement some horizontal rigid body 
rotation about the vertial axis of the column took place. This was 
catered for in the test rig de~ign and did not affect the test. 
Fig.5.1 -
Fig.5.2 -
Fig,5.3 -
south and east beams of Unit 
2D-I in cycle 3 to ductility of 
M = 1 (NS} 
Slab of Unit 2D-I viewed from 
south-east in cycle 4 to 
ductility of M = 1 (EW) 
south and east beams of Unit 
2D-I in cycle 8 1 2nd cycle to 
ductility of M = 2 (biaxial) 
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(a) North and west beams at the peak of 
cycle 10, 2nd cycle to M = 4 (NS} 
(b) Slab viewed from north-east ~c the 
peak of cycle 12, 2nd cycle toM= 
-4 (NS} and 4 (EW) 
(c) South and east beams at the same 
ductility as (b) 
Fig.5,4 - Unit 2D-I in cycles 10 and 12 to 
ductility of M = 4 (uniaxial and 
biaxial) 
(a) North and west beams at the peak of 
cycle 14, 2nd cycle to M = -6 (NS) and 
G (EW) 
(b) Slab viewed from north-east at the 
same ductility as (a) 
(c) South and east beams at the same 
ductility as (b) 
Fig.5.5 - Unit 20-I i~ cycle 14 to 
ductility of M = 6 (biaxial) 
168 
(a) East and north bem~s 
(b) Slab viewed from north-east 
(c) South and east beams 
Fig.5.6 - Unit 20-I at the end of cycle 
18, after two cycles to M = 8 
(NS) and two to 11 = 8 (EW) 
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Eig.5.7 - The pattern of ~ajoL cracks at top surface of slab of Unit 20-I 
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(2) The far ends of the transverse beams moved slightly towards the 
longitudinal beam which was being subjected to downward force. For 
instance, when the south beam was displaced downwards, both east and 
west beams swung about the column towards the south. The largest 
magnitude of this kind of movement at beam ends ranged from 2 to 3 mm 
at a ductility of six, after the rigid body rotations about the 
column axis was accounted for. This suggested that slab bars in 
tension caused the transverse beams to move and that some of the 
tension force from slab bars 
to these beams. The effect 
may 
of 
have been transmitted by anchorage 
this on the flexural strength and 
behaviour of the beams was considered to be negligible. 
5.2 FORCE-DISPLACEMENT RESPONSE 
5.2.1 General 
The column (storey) shear versus displacement curves are ploted in 
the north-south direction and in Fig. 5.8 for the three elastic cycles in 
Figs. 5.9 and 5.10 for subsequent inelastic cycles in the north-south and 
east-west directions respectively. 
previously in Fig. 3.18 and explained 
The load history for this test, shown 
in Section 3.7, consisted of 18 cycles, 
stx of which included loading in both east-west and north-south directions. 
[n summary, the north-south frame was subjected to much more severe loading 
history with a total of thirty Load runs (i.e. semicycles), whereas the east-
west frame underwent just eighteen load runs. As for the responses of the 
four beams, they are presented in Figs.5.11 to 5.14. Calculations for various 
possible ideal strengths are given in Appendix C.2. The approach Eor 
assessing hysteretic response follows that used in Section 4.2 for Unit lD-I. 
The experimentally observed yield displacement and stiffness were 
determined during run 5 (~ = ~1 NS) at 75% of the ideal strength. Both the 
estimated stiffness, 
plotted in Fig.S.B. 
Ktheoretical' and experimental stiffness, Ktest' are 
In run 6 (~ ~ -1 NS), the observed stiffness is slightly 
less than Ktest' Frm the curves 
stiffness degradation is seen to 
loading. 
in Fig.S.B and other hysteresis graphs, 
be inevitable under the action of cyclic 
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The reference displacement at first 
was found to be 16.5 mm (i.e. 0.47% of 
yield of the test unit, A y,test' 
storey height). This is slightly 
larger than the value observed in the first test (Section 4.2.1) which 
amounted to 15.7 mm. The associated stiffness of 14.1 kN/mm is therefore only 
82.5% of the theoretical 17.1 kN/mm estimated in Appendix C.3. However using 
the reasoning as in Section 1.3.4, A may be compared with the code y, test 
implied interstorey drift, A, by Eqs.(1.4) and (1.5) as with Unit lD-I. Hence 
e 
with 
vi( test) 
0. 9V. (d . ) 1 es1gn 
233.3 
= 0.9 (184.5)= 1· 40 
the drift due to code design load, A, should be of the value of A t t/1.40 
e y, es 
= 16.5/1.40 = 11.8 mm (0.34% of interstorey height). This compares favourably 
with the code [6] recommended value of 0.32%. 
5.2.2 Elastic Cycles 
The first two cycles brought the test unit to about one half of the 
force corresponding to the ideal flexural strengths of the beams in the north-
south direction. In the first 
at the north face of the lower 
run to + 0.5 Vi, fine flexural cracks appeared 
column as well as at the south face of the 
upper column, in accord with the loading direction. Flexural cracks at the 
bottom of the north beam were evenly distributed, following the spacing of the 
stirrups. As expected, the major crack was at the column face. At this stage 
the south beam and slab was subjected to tension at the top. Instead of east-
west transverse cracks, diagonal cracks developed and propagated into the slab 
from the flexural cracks initiated at the top of the south beam. Subsequent 
strain gauge results showed that at this stage both the east-west and north-
south slab bars were in tension. Crack formation in the slab indicated the 
extent of this diagonal tension field. A certain width ot the slab on either 
side of the beam acted as a t~nsion flange of the beam. Also observed were 
the relatively large strains in the top layer north-south slab bars, and the 
longer cracks which developed at the top surface of the slab. 
In the second run to -0.5 vi, cracking proceeded in the same pattern 
except that it occurred at the top side of north beam and slab, at the bottom 
of south beam, as well as at the two faces of the column, as expected. A 
diagonal crack appeared at the underside of the south-east slab, which 
originated from the corner of the column. 
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Cycle 2 saw the extension of 
formation of new cracks. As can be seen 
5.8, less energy was dissipated in runs 3 
the existing cracks with little 
from the hysteresis loops in Fig. 
and 4. Cracks began to appear at 
the junctions of the slab underside and the beams near the force application 
points. Subsequently, as forces increased with higher ductilities, there were 
significant relative vertical displacements between the stem of the beams and 
the adjoining slab particularly near the free ends of the beams, as previously 
mentioned in Section 4.5 and Fig.4.31. The largest displacement recorded was 
3 mm. 
In run 5 in the third cycle which imposed a displacement ductility of 
~ = 1 (NS), more flexural cracks and inclined flexural-shear cracks were noted 
in the beams. The column corner cracks at the joint area extended diagonally 
downward to the east and west beam (Fig. 5.1). This was identified as 
diagonal cracking of the joint which was obscured by the transverse (east and 
west) beams. Since the south beam was subjected to a higher (downward) load, 
cracking in this beam was more severe. Cracks in the south slab were mainly 
of diagonal type close to the beam, but further away to the edges, they 
changed to transverse east-west cracks. This is probably because the east-
west slab bars had lost anchorage there and the tension effect of the north-
south slab bars became more significant. At the interface between the south 
slab and west beam, both top and bottom slab cracks were formed, again showing 
the tension in the slab bars. At the north-west slab quadrant, where 
diagonal cracks did not extend, a long interface crack at the bottom of the 
slab and the north face of the beam developed. These observations provided 
evidence that the slab bent upwards in accord with the adjoining beam action. 
In run 6 to~= -1 (NS), more 
reverse pattern. A special crack can 
the underside of the south slab to the 
cracking took place in a similar but 
be seen in Fig. 5.1 which extended at 
east edge of the unit. Previously in 
run 5, when the north beam was 
at the underside of the north 
column. 
being pulled upwards, a similar diagonal crack 
slab started from the north-east corner of the 
East-west loading of the specimen to ~ = ±1 was carried out in cycle 
4. By comparing the envelopes of hysteresis loops in Fig. 5.9 for runs 5 and 
6 with those in Fig. 5.10 for runs 7 and 8, it is seen that the east-west 
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frame was somewhat more flexible. This resulted in a smaller resistance being 
developed at the imposed displacement to M = -1. 
Cracks were formed in a manner similar to that observed in previous 
cycles. Residual deformations already existed in the north and south beams. 
Hence the final crack pattern, especially in the slab, reflected this effect. 
In addition to diagonal cracks, transverse and beam-slab interface cracks also 
developed in the slab (Fig. 5.2). Also since the north and south column faces 
had already cracked, more east-west joint cracks appeared at the exposed 
portions of the column. 
5.2.3 Inelastic Cycles 
The inelastic response of this test unit is considered as being very 
satisfactory. However, when the hysteresis curves (Fig.5.9 and 5.10) are 
compared with those of the first one-way unit (Fig.4.10), the performance of 
this two-way unit is seen to be distinctly inferior. That is to say, 
identically reinforced beam-column joint assembly under one-way action would 
perform better than under two-way actions. 
Fig. 5.9 shows the overall response of the test unit in the north-
south (N-S) direction. The storey shear (i.e. strength) remained fairly 
constant. Although, as expected, there was a gradual degradation nE 
stiffness, energy dissipation was stable as can be seen from the hysteresis 
loops. This is especially significant considering the severity of the loading 
history imposed (Section 5.2.1). On the other hand, it is evident that 
biaxial loading reduced the peak strengths. Finally, from the relatively flat 
and pinched run 34 loading curve, it appears that beam bar slippage was about 
to take place. As a matter of fact, in the subsequent cycle 18 in run 36 
(Fig. 5.10), the east-west beam bottom bars slipped completely. Since the 
first test (Chapter 4) confirmed that throughout the entire test the beam bars 
were effectively anchored in the one-way frame, this test suggests that two-
way action subjected the beam bars to a higher degree of bond deterioration. 
As Fig. 5.10 shows, in the east-west direction, stiffnesses of the 
unit were generally less than those shown in Fig. 5.9. This can be expected 
because the east-west beam depth was smaller (550 mm) and the preceding north-
south loading cycles had already caused considerable cracking in the slab. 
Nevertheless, as perceived from the two figures, the peak strength and energy 
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dissipation capacities in orthogonal directions are comparable. 
The hysteresis curves in Figs.5.11 to 5.14 drawn separately for the 
four beams have similar shapes. Like Unit 10-I this feature indicates that 
most of the energy dissipation within the test unit was through inelastic 
deformations of the beams. The particularly flat curves of east and west 
beams in run 36 (Figs. 5.13 and 5.14) confirm the occurrence of slippage in 
that direction of the beam bottom bars through the joint. 
A common feature of the hysteretic response of two-way units is the 
reduction of resistance after the attainment of the predetermined displacement 
ductility in a biaxial loading cycle. This has been covered in some detail in 
Section 3.7.2 with the aid of Fig. 3.20. In Fig. 5.10, for instance, in runs 
21A and 23A at M = -4, a reduction of peak storey shear in the E-W direction 
by 20% and 17% respectively, is indicated by the straight and nearly vertical 
portions of the corresponding curves. This occurred while similar successive 
displacements were imposed in the N-S direction in runs 21B and 23B (Fig. 
5.9). The phenomenon was repeated at the unloading stage. Unloading took 
place first in the E-W direction first (i.e. 21A and 23A in Fig. 5.10). As 
the E-W storey shear became zero, the peak N-S resistance at the same time 
dropped by 19% and 18% for runs 21B and 23B in Fig.5.9 respectively. The 
shear orbit diagram in Fig. 3.20(a) for cycle 7 illustrates this strength 
reduction phenomenon in another form. 
Similar features are also evident in Figs. 5.11 to 5.14 for the 
response of the beams. However, it should be noted that the strength 
reduction of a beam was much more affected by loading of the transverse beams, 
when the top flange of the beam were in tension. This is evident when peak 
values of hys:eresis curves, consistent with positive loading, are compared 
WJ th those for negative loading. This suggests that transverse loading had a 
more significant influence on the contribution of slab reinforcement to the 
enhancement of "negative" flexural strength of a beam. This issue is examined 
further in Chapter 7. 
Another feature, reported earlier in Section 3.7.2, is that the drop 
in peak resistance during orthogonal action was accompanied by a slight 
change, usually an increase, in the corresponding peak displacement. However, 
this change was small when compared with the large magnitudes of imposed 
inelastic displacements. As can be inferred in Figs. 5.9 and 5.10, say the 
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curves of runs 21A and 23A referred to in an earlier paragraph, resistance 
could decrease further if displacement was to be restored to its original 
"peak" value. Therefore no attempt was made to adjust the peak displacements 
during bi-directional testing. 
For all four beams (Figs.5.11 to 5.14) the average stiffnesses in the 
positive upward bending case were usually higher than those in the negative 
downward bending. Similar observations were made in the first test. It was 
suggested in Section 4.2.3 that the top concrete in compression contributed to 
the positive flexural resistance. 
In the storey shear-displacemeut responses (Figs. 5.9 and 5.10), the 
observed peak shear forces at ductilities of two or more consistently exceeded 
by more than 20% the theoretical "seismic" shear (203 kN) estimated by the 
"mixed" approach based on the contribution of an internal steel couple and 
explained in detail in Section 3.8.2. The theoretical values are given under 
cases (a) and (g) in Tables C.2 and C.5. Further in Figs. 5.11 to 5.14 
showing the beams' response 
forces were found to be much 
curves, the experimental positive (upward) tip 
larger than the theoretical "seismic" (case (a)) 
strength of 112 kN estimated by the steel-couple method, even at a ductility 
of~= 1. For instance in run 5 (~ = 1), the measured peak force on the north 
beam (Fig. 5.11) was 173.9 kN. In Section 5.4, it is seen that the D24 bottom 
bar was already strained to above yield level. From Table C.3 the peak 
strength should fall between the case (d) theoretical values of Pi = 162.9 kN 
and 1.18 (162.9) = 192.2 kN at flexural overstrength. At this stage no long 
transverse cracks were formed at the top surface of the north slab; the 
existing cracks were found to have 
in the strain gauges NT1 and NT2 
further evidence that some width 
compression flange. 
clo~ed. The compressive stresses recorded· 
in the slab bars (see Section 5.5) provided 
of the floor slab must have acted as a 
In run 6 (M = -1), the 
154.1 kN (Fig. 5.12). In this 
observed positive force on south beam was 
case, both the D24 and D20 bottom bars were 
strained to below yield level. Again the compressive stresses noted in the 
strain gauges on the two slab bars close to the beam showed the existence of a 
compression flange. The effective flange width appeared to be smaller than in 
the northern flange width (in run 5). This is believed to have been due to 
the presence of early extensive cracking in the south slab, as reported in 
Section 5.2.2. 
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Positive forces for the east beam in run 7 (Fig. 5.13) and the west 
beam in run 8 (Fig. 5.14) can be assessed in a similar way. Both cases 
suggest that the beam flange in the east-west direction was less effective in 
compression. From the strain gauge results only one E-W slab bar on each side 
of the column was considered to be in compression. From the pattern of cracks 
at the slab top surface, preceding N-S actions must have reduced the 
subsequent effective compression flange width of the E-W beam. 
Results for the negative downward beam forces in runs 5 to 8 (Figs. 
5.11 to 5.14) were more straightforward. The bottom bars were in compression 
as was the bottom concrete, as evidenced by the closing of flexural cracks 
during downward displacements of the beams. Together with the top beam bars, 
almost all longitudinal slab bars were stressed in tension (Section 5.5). 
However, since at this stage stresses were still below yield level, the 
theoretical tip force, (-)Pi' was not exceeded. As the ductility level 
increased to 2 or further, this negative theoretical force based on an 
effective tension flange with width as specified in NZS 3101 [4] denoted by 
(-)Pli or (-)PZi' was consistently exceeded. Run 36 (Fig.5.14) was an 
exception, in which the E-W bottom beam bars slipped. The experimental forces 
sometimes exceeded even (-)P.*, the possible maximum theoretical forces which 
1 
considered a greater number of slab bars yielding in tension (App.C.2). 
However the level of theoretical flexural overstrength, 1.25P~ was never 
1 
attained. The slab bar strain results in Section 5.5 suggest that more slab 
bars than those estimated in App.C.2 could be considered as tension 
reinforcement. 
There is a significant difference between the positive peak force of 
north beam (Fig. 5.11) in run 9 (P 1 = 185.9 kN > P1i) and that of south beam 
(Fig.5. 12) in run 10 (P2 = 164.6 kN ~ P2i). This difference agrees with the 
relative magnitudes of tensile strains developed in the top bars, as shown in 
Section 5.4. The pattern of the cracks is further supported by this 
phenomenon. Run 9 is the first semi cycle to a ductility of two. There were 
not many new flexural cracks at the bottom of north beam; the width of the 
major crack at column face was, however, about 3 mm. The existing cracks at 
the top surface of the northern slab closed, while a transverse crack at the 
bottom of the north-eastern slab quadrant opened up to reach the east edge of 
the unit. It appears that quite a wide and thin compression flange developed 
in the northern slab. On the other hand, the southern slab in run 9 was 
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displaced downwards. More slab cracks and flexural-shear cracks were noted 
(Fig. 5.3). It is therefore apparent that when the loading direction was 
reversed in run 10, the possible contact area available in the southern slab 
to engage in compression ~as greatly reduced. At the same time, transverse 
and diagonal cracks developed in the northern slab. Further in run 11, the 
north beam peak force reduced drastically to 165.6 kN, indicating continuing 
reduction in size of the compression flange. 
The peak force of the north beam in run 17 was 192.1 kN = 1.18 P1i' 
the highest upward force measured in the test. This is the first semicycle to 
a displacement ductility of four. The reasoning in the paragraph above, 
appears applicable. Furthermore, the strain-hardening of the bottom bars of 
the north beam must have caused this enhancement. 
During subsequent cycles, there was little change in the behaviour of 
the beams. Their hysteretic responses shown in Figs. 5.11 to 5.14 were 
considered satisfactory. The final pattern of cracks of the test unit has 
been described in Section 5.1. The maximum shear deflection in the beams was 
about 2.5 mm. 
5.3 DISPLACEMENT COMPONENTS 
5. 3. 1 Beam Deformations 
The measured horizontal movements of 
beams of Unit 2D-I are shown in Figs.5.15 
the critical parts of the four 
to 5.18. When they are compared 
with Figs.4.17 and 4.18, it is seen that in terms of longitudinal beam 
deformations, Units 2D-I and lD-I have common features. Bi-directional 
loading to Unit 2D-I did not cause any significant changes. Therefore the 
discussions in Section 4.3.2 for Unit 10-I also apply here. 
Other results derived from beam deformations, in a pattern similar to 
those in Section 4.3.2, are shown in Figs.5.19 and 5.20 for beam lengthening, 
and in Figs.5.21 and 5.22 for beam curvatures. Slips of the beam bars within 
the joint core, plotted in Figs.5.23 and 5.24, appear to be larger than those 
estimated for Unit 10-I (Figs.4.21 and 4.22). This can be expected because 
Unit 2D-I was subjected to simulated seismic actions in orthogonal directions 
and this should have affected the anchorage of beam bars in the joint core. 
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In particular, slips in the east-west bottom layer beam bars (Figs.5.24(b)) 
could be as large as 4 to 5 mm. Complete slippage of these bars was noted in 
the last load run, as previously reported in Sections 5.1 and 5.2. 
5.3.2 Decomposition of Displacements 
Using the approach of Section 3.9, the major components of the total 
beam or storey displacements could be assessed. The results are given in 
Figs.5.25 to 5.28, highlighting the beh~viour of the beams and the whole unit. 
However, it must be noted tht the component of displacement due to joint shear 
distortions, 6 ., could not be measured in this unit. Therefore it was assumed 
J 
to be equal to the difference between the observed total displacement and the 
sum of the other displacement components due to beam and column deformations. 
Hence the results for the joint component for this unit do not necessarily 
match those for Unit 1D-I (see Section 4.3). By referring to Figs.4.23 to 
4.25 for the first unit, it is' seen that some "unaccounted for" beam 
displacements, due to inelastic shear deformations and unequal beam properties 
in the positive and negative sense, could amount to as much as 20% of the 
experimentally observed total displacement at the very large displacement 
ductility of ten. However, they were rather small at ductilities of two to 
four. Therefore, it is necessary 
displacements" when interpreting 
presented in the graphs. 
to make allowance for these "unaccounted 
the effects of joint distortions, as 
Apart from the major difference just described, the discussions 
presented in Section 4.3.3 are considered also relevant to this test unit and 
hence are not repeated. In view of 
beam component of total displacements 
parts as was done in Figs.4.23 to 4.25. 
5.4 BEAM BAR STRAINS 
the similar behaviour of the beams, the 
is not sub-divided into two or three 
A total of 56 strain gauges were installed on the beam bars. Results 
for the north-south beam bars are plotted in Fig.5.29 for the range of 
ductilities between M = 1 and M 4. Gauge strains in the east-west beam bars 
showed a similar pattern and are therefore not presented here. Like Fig.4.26 
for Unit lD-I, Fig.5.29 again demonstrates that strain gauges, particularly 
those at the column faces, gave readings significantly lower than realistic 
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values. More "realistic" strains at beam bar levels in the plastic hinge 
regions of the beams, derived from linear potentiometer measurements, are 
shown in Figs.5.30 to 5.33 for beams in the north-south and east-west 
directions. Although more irregular the strain patterns are similar to those 
shown in Figs.4.27 and 4.28 for Unit lD-I. It is evident that bi-directional 
loading on this Unit 2D-I did not dcastically change the strain patterns. 
Nevertheless the bond strength of beam bars within the joint core deteriorated 
more rapidly, as evidenced by 
beam bars in the second cycle 
the complete 
to ductility 
Section 4.4, are also drawn, namely : 
( 1) While compressive stresses in the 
hardening in compression did not 
vertical forces at beam tips were 
slippage of the east-west bottom 
M = 8. Other conclusions, as in 
beam bars were developed, strain 
rna terialize. Since the applied 
approximately the same as those 
observed with Unit 10-I, it is estimated that the maximum compressive 
stresses in the beam bars at the column faces were of the order of 
0.5f at top and 1.0f at bottom. y y 
(2) As inelastic displacements increased, the plastic hinge spread 
towards the free end of each beam. 
5.5 SLAB BAR STRAINS 
Reasons for extensively strain gauging the slab bars of the first 
unit were given in Section 4.5. Difficulties in obtaining reliable results 
for quantitative analysis were also discussed. Despite this experience, 
practical restrictions permitted only 38 strain gauges to be attached to the 
slab bars of this Unit 2D-I, in the south-west quadrant at the beam-slab 
interface as can be seen in Fig.3. 15. Strain results are presented in this 
report only for the north-south top (Fig.5.34) and bottom (Fig.5.35) layer DlU 
slab bars up to a ductility level of M = 4. Strain at higher ductilities are 
considered more erratic because of severe disintegration of concrete and the 
relatively large vertical displacements between the beam web and the slab (see 
Fig.4.31). Strain patterns for the east-west slab bars were found to be 
similar. Conclusions regarding the strain distributions in the slab bars 
shown in Figs.5.34 and 5.35, relevant to the discussions in Chapter 7, are 
similar to those discussed in Section 4.5. They are itemised as follows : 
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(1) Strain changes in the top layer slab bars near to the column, in 
particular the two monitored by strain gauges STl and ST2 (Fig.5.34), 
indicate that the bending actions of the north and south beams 
dominated the behaviour of these bars. This is expected from the 
consideration of strain compatibility. Although no compressive 
strains were observed, the differences in strains between positive 
and negative ductilities suggest that compressive stresses were 
developed in the bars in the vicinity of the column. This implies 
that when the south or north beam bent upwards, a compression flange 
was formed. However, it appears that with increasing ductilities, 
this compression flange became less conspicuous. 
(2) As with Unit lD-I, under uni-directional north-south loading, tensile 
strains in the tension flange decreased towards the (west) free end 
of the ~lab. When bi-directional loading was applied, however, the 
smaller tensile strains, for instance in bars ST9, STB and ST7 
(Fig.5.34), increased by a large amount. It should be noted that 
under east-west loading, the north-south slab bars acted as 
transverse reinforcement to develop a diagonal compression field in 
the plane of the slab. 
(3) The top layer slab bars in the middle strip, such as those 
represented by ST3 to ST6 in Fig.5.34, appeared to be consistently in 
tension even though the beam was subjected to upward bending. This 
can be related to the tension flange action to be discussed in 
Chapter 7. 
(4) The flexural behaviour of a slab, in agreement with the sense of 
bending of the adjoining beam, can be quite significant at 
ductilities of ~ = 1 to M ~ 2. However, at higher ductilities this 
bending action of slab appeared to have diminished. This follows 
from point (3) above and the strain variations in the bottom layer 
slab bars in Fig.5.35. 
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5.6 COLUMN BAR STRAINS 
In the region of the joint a total of 36 strain gauges were mounted 
to seven of the longitudinal HD28 bars along the west and north faces of the 
column. The numbering system for the column bars is self evident from Figs. 
5.36 and 5.37 which show strain variations at various ductilities. Results 
for the corner bar C4 have been partly duplicated, but the ductilities are 
denoted in different directions in the two figures and accordingly 
interpretation should take this into account. Additional gauges were provided 
to the intermediate bars, namely C2, C3, C5 and C6, at levels lA and 4A. 
These were meant to supplement gauge readings taken at levels 1 and 4, where 
strains would be affected by the truss mechanisms of joint shear resistance 
(see Fig.4.33) as well as by actions resulting from the anchorage of 
intersecting beam bars. 
In Fig. 5.36(a), strains in columns bars Cl to C4 are shown when the 
column was subjected to loading in the north-south direction only. The 
observed strain variations in bars Cl and C4 generally agreed with the loading 
conditions. Tensile strains were recorded in these corner bars over the full 
height of the joint at ductility levels 2 and higher. According to the 
loading, compression strains are to be expected at one end. 
Compressive strains, recorded at levels lA and 4A in bars C5 and C6, 
(not shown in these 
loading as was bar 
figures), which 
C4, appear to 
were subjected to the same north-south 
justify the propostion [39] that the 
deviation from expected compression strains was caused by the action of 
intersecting beam bars and particularly local bond forces introduced by the 
beam bars. Strains under north-south action of column bars C5, C6 and C7 
(Fig. 5.37) are not presented here. It is also to be noted that on many 
occasions, strains at levels l and 3 of bars Cl and C4 (and also bars CS to 
C7, which are not shown) were higher than the corresponding strains at levels 
and 4. Bi-directional loading effect might aggravate this strain 
irregularity. From the results for column bars C4 and C7 under east-west 
loading, conclusions drawn are similar to those for bars Cl and C4 when north-
south loading was applied. 
For intermediate bars C2 and C3 under uni-directional north-south 
loading, consistent tensile strains of significant magnitudes, though below 
yield level, were obtained (Fig. 5.36(a)). Irrespective of beam bar effects 
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mentioned above, the strains at levels lA and 4A also confirmed this tensile 
state. It is to be remembered that, because of the absence of axial 
compression, the columns acted as vertical beams. Thus intermediate column 
bars, such as C2 and C3, are expected to be in tension at levels 1 and 4. 
Strain distributions for the interior bars cs and C6 under east-west loading 
are similar (Fig. 5.37(a)). The participation of the intermediate bars in 
resisting vertical joint shear is therefore evident. As has been explained in 
Section 4.6, their contribution is essential in the truss mechanism to develop 
the necessary diagonal compression field. 
Strain patterns shown in Figs. 5.36(b) and 5.37(b) for bi-directional 
loading depict more irregularity. This is to be expected. However, the 
reasons for the development of tensile strains in all column bars within and 
in the vicinity of the joint are basically the same as those considered for 
uni-directional loading. The considerably higher strain values generated 
under biaxial loading and shown ·in the figures, sometimes exceeding yield 
level, indicate that under this condition the column bars were subjected to a 
more severe tensile stress state. Therefore, if column hinging is to be 
avoided, the consideration of biaxial effect in the vicinity of a joint, 
within the capacity design approach, becomes even more important. 
While these findings highlight the functioning of the joint shear 
mechanisms, it is to be remembered that interior columns of· this type, and 
hence joint cores, will always be subjected to axial compression due to graity 
loads. Such compression forces will reduce, or even suppress, tensile 
stresses generated in column bars within and near the joints. 
5.7 STRAINS IN THE JOINT TIES 
As seen in Figs. 5.38 and 5.39, the R16 joint ties were extensively 
strain gauged. For easier comparison, strains at positive and negative 
ductility levels are presented separately. It was mentioned in Section 3.5.3 
that hoop ties in layers 2 and 3 had a pair of strain gauges placed at each 
location, one being at the top side and the other at the underside of the bar. 
From the test, it was found that differences of as much as 50% in readings for 
two such gauges were quite common. This is thought to have been caused by 
bending deformations which occurred in the horizontal ties due to dowel action 
when diagonal cracks crossed these bars. In some cases, principally under 
203 
biaxial bending conditions the differences during large imposed ductilities 
could even be 200%. 
The following observations can be made with respect to the patterns 
shown in Fig. 5.38 which records strains in the north-south legs of the ties 
when these are subjected to loading defined in terms of north-south 
ductilities. These observations are similar to those made previously in 
Section 4.7. 
(1) Tensile strains indicate that the horizontal ties were active. It is 
believed that tie forces were utilized to resist joint shear forces 
rather than to provide confinement to the core concrete within the 
joint. The column required no confinement, as there was no axial 
compression load applied to it. Moreover, the theoretical flexural 
compression zones of the sections above and below the joint were not 
large. Tie strains increased gradually and consistently with 
increased ductility levels. This phenomenon is believed to match 
with the postulation that, as cyclic inelastic loading progresses, 
the truss mechanism, relying on internal transverse tension forces, 
becomes more significant than the strut mechanism. 
(2) Under uni-directional (north-south) loading, the mid-depth ties 
(layers 2 and 3) were generally subjected to larger strains than the 
outer ties (layers 1 and 4). This is to be expected when using the 
concepts of the truss mechanism in resisting joint shear. Some of 
the bi-directional (both north-south and east-west) loadings changed 
this pattern, but the overall trend remained the same. 
(3) Type F legs exhibited larger strains than types D and E. The likely 
reasons for the differences in the contributions of parallel tie legs 
to transverse tension were discussed previously in Section 4.7 and 
Fig.4.35. 
(4) Type E legs exhibited strains comparable to those measured in type D 
ties. All hoop ties appear to have efficiently participated in 
resisting joint shear forces. 
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Test results shown in Fig. 5.39 for the east-west legs (types A, B 
and C) under loading in terms of east-west ductilities are similar and lead to 
the same observations as discussed above. The only exception is type C tie in 
layer 1. Unexpectedly the measured strain jumped to 0.0023 at a ductility of 
~ = -6 (north-south only). Results for subsequent loadings (~ = 6*, ±8) are 
therefore questionable for this tie. 
Strain results were also evaluated for conditions when seismic forces 
were applied at different angles, as shown in Fig. 5.40. North-south tie legs 
(types D, E and F) were monitored during east-west loading only. Similarly 
strains in east-west legs (types A, B and C) were recorded during north-south 
loading. These are three possible causes for the development of tensile 
strains in the bars. First, the bond stresses arising from the action of the 
beam bars could affect the strain readings of layers 1 and 4. Second, the tie 
legs provided the necessary containment to the joint core which underwent 
dilation due to diagonal cracks. Finally, in conjunction with the action of 
containment, residual tensile stresses in the bars should also be considered. 
With repeated cyclic loading, particularly after the imposition of large 
ductilities, diagonal cracks, however small, will not completely close after 
the removal of the load. Thus residual tensile stresses in ties, which have 
no particular function in terms of load resistance, are inevitable. They will 
increase with cumulative ductility. Strains of types D, F, A and B were quite 
moderate (Fig.5.40), the maximum being only of the order of 0.001. Types E 
and C exhibited somewhat larger tensile strains. This could be an indication 
of the anchorage stress transferred from the long legs which were resisting 
joint shear in their directions. The extremely large strains recorded for 
type C leg in layer 1 at high ductilities (Fig.5.30(b)), should be considered 
unreliable. 
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CHAPTER 6 
TEST RESULTS OF UNIT 20-E 
6.1 GENERAL BEHAVIOUR 
The test of this last unit took about four weeks to complete with 
twenty cycles of loading up to a displacement ductility factor of thirteen 
having been attained. In terms of interstorey drifts, however, the 
displacements imposed in this test are comparable to those relevant to the 
interior joint (20-I) test, as explained in Section 3.7.1. In terms of 
sustained strength and energy dissipation, the ~verall performance of this 
test unit 20-E was better than that of 20-I, although not as good as that of 
Unit 10-I. 
The test unit at different stages of loading is illustrated by the 
photographs in Figs. 6.1 to 6.7 as well as Fig.3.5(c). As expected, plastic 
hinges formed in the three beams at the column faces. The flexural and 
flexural shear cracks in the beams were similar to those observed in Unit 20-
I. The maximum deflection due to sliding shear, measured vertically between 
two lines across a crack, of the east beam was 6 mm while that of the north or 
south beams was approximately 4 ~m. Concrete spalling and crushing became 
significant starting from a ductility level of eight (Fig. 6.5). Bar buckling 
took place at a ductility of eleven (Fig.6.6) and thirteen (Figs. 6.7 (a) and 
(b)). However, no obvious slippage of bars within the joint was noted. 
In this test it was possible 
west face of the joint. As in the 
to observe cracking at the only exposed 
first test (Chapter 4), fine diagonal 
cracks formed and closed in accord with loading directions. The maximum crack 
width measured was less than 0.5 mm. 
The crack pattern at the top surface of the slab can be seen in Fig. 
6.8 and also in some of the photographs in Figs. 6.1 to 6.7. When the 
pattern is compared with that of Unit 20-I (Fig.5.7), the slab diagonal cracks 
are seen to be less dense in this exterior joint assembly. This difference is 
thought to have been caused by the bar curtailments as can be compared in 
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(a) Slab at M = -1 (EW) (b) West face joint at M +1 (EW) 
Fig.6.1 - Unit 2D-E in cycle 3 to ductility of M 1 (EW) 
(a) South and east beams at M -1 (NS) (b) West face joint at M -1 (NS) 
Fig.6.2 - unit 2D-E in cycle 4 to ductility of M 1 (NS) 
(a) Slab at the end of cycle 6, after two 
cycles of M = 3 (EW) 
(b) West face joint at the peale of cycle 8 
to M = -.3 (NS) and 3 (EW) 
Fig.6.3 ·- Unit 2D-E in cycles 6 and 8 to ductility of M 
(uniaxial and biaxial) 
3 
(a) Slab viewed from south-east at peak of 
~ = -6 (NS) and 6 (EW) 
210 
(b) West face joint at the same ductility 
as (a) 
Fig.6.4 - Unit 2D-E in cycle 12 to ductility of~ 6 (biaxial) 
Fig.6.5 - West face joint ot Unit 2D-E in 
cycle 14 to ductility of ~ = 8 
(biaxial) 
(a) West face joint at the peak of cycle 
18, 2nd cycle to ~ = -13 (NS) 
Fig.6.6 - South and east beams of Unit 
2D-E in cycle 16, 2nd cycle to 
ductility of ~ = 11 (biaxial) 
(b) East and north beams at the peak of 
cycle 20, 2nd cycle to ~ = -13 (EW) 
Fig.6.7 - Unit 2D-E in cycles 18 and 20 to 
ductility of ~ = 13 (uniaxial) 
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Figs.3.15(b) and 3.16(b). Crack pattern at the bottom of the slab was similar 
to that at the top. 
6.2 FORCE-DISPLACEMENT RESPONSE 
6. 2. 1 General 
The column (storey) shear versus displacement curves are plotted in 
Fig. 6.9 for the three elastic cycles in the east-west direction and in Figs. 
6.10 and 6.11 for subsequent inelastic cycles in the east-west and north-south 
directions respectively. The force-displacement responses of the three beams 
are shown in Figs. 6.12 to 6.14. All essential features of presentation are 
the same as those used for the other two test units in Chapters 4 and 5. 
Calculations for estimation of ideal strengths and theoretical stiffness are 
given in Appendices 0.2 and 0.3 res~ectively. 
From load run 5 toM -1(EW), the first yield displacement ~ t t y, es 
was determined to be 12.1 mm (0.35% of storey height). This corresponded with 
a stiffness of 9.5 kN/mm. As in previous tests, the measured stiffness was a 
little less than the theoretical value (Fig.6.9). 
6.2.2 Elastic Cycles 
The first two cycles (Fig. 6.9) subjected the test unit to one half 
of the ideal "negative" strength of the east beam, as explained in Section 
3.7.1. In the first run to -0.5 V., only one N-S transverse flexural crack 
1 
appeared at the top side of the slab along the east edge of the column. In 
the succeeding run, which displaced the east 
level, four flexural cracks developed from the 
beam upwards to the same force 
bottom of the east beam to the 
slab. This relatively extensive cracking can be expected from the fact that 
the applied upward force was almost 70% of the ideal "positive" strength +V .. 
1 
Fine flexural cracks also appeared at the column faces, even at the exposed 
joint area. The crack pattern at the west column face in cycle 3 can be seen 
in Fig. 6.1(b). No diagonal cracks in the north and south exposed face of the 
joint were noted even at a ductility level of M = 1(EW). 
In run 5 the east beam was pushed downwards. Transverse and diagonal 
cracks formed in the slab as seen in Fig. 6.1(a). From the extent of the 
transverse crack, it can be inferred that at this stage the width of the slab 
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as tension flange of the east beam was quite large. An important observation 
was that vertical and diagonal cracks formed at this stage in the north and 
south spandrel beams as seen in Figs. 6.1(b). As the EW slab bars were 
stressed in tension, the north and south beams were subjected to both bending 
about the vertical axis of the beam section and torsion. In subsequent cycles 
to higher negative ductilities in the E-W direction only, the widths of the 
diagonal (torsional) cracks remained small. However, under the same 
ductilities, the vertical flexural cracks at the upper west faces of the north 
and south beams, especially close to the column, widened. It appeared that 
bending of the north and south beams with tips deflecting towards the east was 
more dominant than torsion. Further discussion in this aspect is presented in 
Section 6.3.4. 
In run 6 to positive ductility of ~ 1, a transverse crack extended 
to the south at the underside of the slab. In Fig.6.9, it is seen that at 
this stage the measured storey shear approached the theoretical strength Vi 
which was based on an assumed compression flange, as explained in Section 
3.8.2. 
North-south loading of specimen to ~ = ±1 was carried out in cycle 4. 
The formation of cracks in the slab and the beams was similar to that observed 
in Unit 20-I, as can be seen in Fig.6.2(a) when it is compared with Figs. 5.1 
and 5.2. Fine diagonal joint cracks at the exposed west face of the column 
developed during this cycle of loading, as seen in Fig.6.2(b). The photograph 
also indicates the extent of flexural and shear cracks in the north and south 
beams. Evidently the ''torsional~ lracks (Fig.6.1(b)) became insignificant. 
6.2.3 Inelastic Cycles 
As shown by the hysteretic force-displacement curves in Figs.6. 10 to 
6.14, throughout the subsequent inelastic cycles, the observed beam tip forces 
and the derived storey (column) shear forces kept increasing, except at an 
imposed ductility of thirteen. At this ductility level, corresponding to an 
interstorey drift of 4.5%, extensive concrete spalling and beam bar buckling 
took place, as seen in Figs.6.7(a) and (b). Nevertheless, the measured 
strength still approached the theoretical ~seismic'' shear strengths estimated 
by the ~mixed" approach (see App. 0.2). By comparing these graphs with those 
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Fig.6.8 - The pattern of major cracks at top surface of slab of Unit 20-E 
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relevant to the interior joint Unit 2D-I (Figs. 5.9 to 5.14), it may be seen 
that this exterior joint assembly r•erformed better at all stages of the test. 
Most of the special features of the hysteresis graphs, described in 
Section 5.2.3 for Unit 2D-I, are also relevant to this unit. Hence they are 
not repeated here. However, one point worth mentioning is the steady increase 
in the measured positive (upward) resistance of the exterior east beam 
(Fig.6.12). In the sections describing beam and slab bar strains, it is 
suggested that the top D24 beam bars and some of the east-west top layer slab 
bars at the corresponding ductilities developed only moderate compressive 
stresses at the column face. It appears therefore that a certain width of 
flange participated in compression. 
6.3 DISPLACEMENT COMPONENTS 
6.3.1 Joint Deformations 
For this unit, deformations at 
core were measured following the method 
1D-I. Variations of the linear strains 
the exposed west face of the joint 
described in Section 3.9.4 for Unit 
along two diagonals, Jl-J3 and J2-J4 
are plotted in Fig.6.15. It was impossible to place linear potentiometers at 
the east face of the joint. 
Fig.6.15 shows two strain responses. Recorded strains along the 
diagonal Jl-J3, represented by solid lines, were as expected. Tensile strains 
increased consistently according to (positive) ductility levels. At negative 
ductilities, small residual tensile strains or even compressive strains were 
recorded. The differences between strains at positive and negative 
ductilities were considerable. The results for diagonal Jl-J3 support the 
expected development of a diagonal compression field in a cracked joint core. 
Strains changes along the diagoi al J2-J4 (dashed lines) were relatively 
moderate. Tensile strains at peak ductilities when the diagonal J2-J4 should 
have elongated extensively were in fact less than half of the tensile strains 
observed along diagonal Jl-J3 in preceding load runs. Furthermore, no 
compressive strains were observed even when the loading should cause 
compression along J2-J4. 
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Results in Fig.6.15 may be compared with the corresponding results 
for Unit 10-I summarised in Figs.4.13 and 4.14 which have been discussed in 
Section 4.3.1. For Unit 10-I both the north and south faces of the joint core 
were instrumented. Figs. 4.13 and 4.14 show a generally regular pattern as 
expected, and the results are considered more reliable. The measurements of 
diagonal strains in this Unit 20-E, showing a different pattern, were likely 
to be influenced to a significant scale by the behaviour of the east beam. 
First the hooked bars from the east beam (see Fig.3.3(c)) might interfere with 
the potentiometer steel rods embedded in the joint core. Second the sense of 
loading applied to the east beam could also change the diagonal strains 
observed at the west joint face. When the east beam was pushed by a downward 
(negative) acting tip force, the north and south beams underwent large lateral 
deformations because of slab participation in membrane action (see Fig.6.30(a) 
and Section 6.3.4). The spandrel beams were therefore subjected to horizontal 
bending about the weak (vertical) axis, resulting in longitudinal (north-
south) tensile strains along the ·outer (west) faces of these beams with 
maximum values at the column. This bending phenomenon implies. that strains 
along the two joint diagonals should also increase with uni-directional E-W 
negative ductilities. Alternatively with (positive) upward loading of the east 
beam, the bending effect on the spandrel beams (Fig.6.30(b)) reduced 
drastically. In this case only residual tensile strains along both joint 
diagonals should be recorded. 
The expected results suggested in the last paragraph did not fully 
conform with the observed results depicted in Fig.6.15. For convenience in 
the following discussions in this 
Jl-J3 and J2-J4 are simply referred 
section, measured strains along diagonals 
to as J1-J3 and J2-J4 respectively. The 
cyclic loading history can be seen in Fig.3.19. In cycles 1 to 6, loading was 
imposed in one direction only. Results from the first two elastic cycles are 
not considered. 
In cycle 3 (Fig.6.15) when only east-west ductility of M = -1 and 
M = +1 were imposed in successive order, Jl-J3 exhibited small tensile strains 
while J2-J4 were essentially zero. In cycle 4 to unidirectional M.= ±l(NS), 
both diagonals responded as expected. The residual tensile strains at zero-
load, not shown in Fig.6.15, were 224 x 10-6 (Jl-J3) and 187 x 10-6 (J2-J4). 
In the first half of cycle 5 to unidirectional~ = -3(EW), indicated 
by Al in Fig.6.15, both diagonal strains increased, with J1-J3 slightly to 335 
-6 -6 
x 10 and J2-J4 more considerably to 610 x 10 • However, in the second half 
220 
cycle toM= 3(EW), indicated by A2 in Fig.6.15, J1-J3 remained unchanged 
while J2-J4 dropped to 86 x 10- 6 . 
Similar response was observed in 
Jt = +3(EW). There were slight changes 
cycle 6 to the same unidirectional 
in the tensile strains of Jl-J3, but 
more significant fluctuations occurred in J2-J4. 
The test unit was subjected to bi-directional loading in cycle 7. 
The response in terms of observed diagonal strains shown in Fig.6.15 was found 
not to follow regular patterns. Strain changes along Jl-J3 consistently 
agreed with those expected under the action of north-south loading only. 
Those strains were enhanced by the additional tensile strains caused by the 
downward bending of east beam. However, the response of diagonal J2-J4 was 
less sensitive to N-S loading, while more significant strain changes were 
recorded as east-west displacement ductilities were imposed. The patterns of 
strain changes observed in subsequent bi-directional cycles were found to be 
similar to those described for cycle 7, except that peak strains increased 
progressively. The simultaneous reductions in tensile strains of Jl-J3 and 
J2-J4 can be clearly seen in Fig.6.15 in the two uni-directional cycles from 
M = -6(EW) shown by B1 and B3, to M = 6 (EW) denoted by B2 and B4. 
It was suggested in an earlier paragraph that strain changes recorded 
at the west face of the joint were associated with the response of the north-
south spandrel beams in terms of east-west lateral deflections of these beams. 
Section 6.3.4 studies this response in detail. It is concluded that bi-
directional loading sequences significantly affected the observed results. 
Hence it is considered that the west face diagonal joint strains did not 
represent the mean joint distortions in the north-south direction. 
6.3.2 Beam Deformations 
As in Units 10-I and 20-I, longitudinal deformations of each of the 
three beams of this unit were measured over a length of 825 mm from column 
face. The horizontal movements of the top and bottom fibres are shown in 
Figs.6.16 to 6.18 and these can be compared with those shown in Figs.4.17 and 
4.18 and Figs.5.15 to 5.18. It should be noted that results at ductility 
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level of ~ = 11 for the north beam of this Unit 20-E were not given because 
two linear potentiometers became inoperative at that stage. 
The symmetrically reinforced north and south beams acted as spandrel 
beams of this unit. Observed movements of segments A shown by dashed curves 
in Figs.6.16 and 6.17 indicate that when bending caused compression in either 
the top or bottom fibres, at ductility levels of ~ =6 or less, the previously 
opened cracks at column face would close almost completely, once again 
flexural compression forces would be supporting the assumption that concrete 
mobilised regardless of reinforcement 
appears that this crack closure was 
lengthening in segment A being observed. 
force-displacement response of the assembly 
chapter provide further evidence of the 
contents. At higher ductilities, it 
less effective with larger residual 
However, other test results such as 
and bar strains reported in this 
existence of concrete compression 
forces. As for segments B, the changes in length at bottom fibres were 
comparable to those at top fibres.· 
symmetrical reinforcing arrangements. 
horizontal movements of the north and 
This again can be expected from the 
However, the absolute magnitudes of the 
south beams were not symmetrical. As 
spandrel beams of an exterior joint assembly, the north and south beams are 
characterised by some special behavioural 
potentiometers monitored only the central 
results presented in Figs.6.16 and 6.17 are 
information with respect to those aspects. A 
features. Because 
vertical planes of 
considered to give 
more comprehensive 
the linear 
the beams, 
very limited 
treatment of 
the behaviour of the spandrel beams in terms of lateral (east-west) movements 
is given in Section 6.3.4. 
For the east beam, longitudinal east-west movements are shown in 
Fig.6.18. it is recalled that the beam bars were anchored in the joint core 
with end hooks (see Fig.3.3(c)). 
other east beams, i.e. Fig.4.17 
Fig.6.18 may be compared with figures for 
for Unit 10-I and Fig.5.17 for Unit 20-I. 
While responses appear to be similar, it must be noted that the top fibres of 
segments A and B of Unit 20-E (Fig.6.18(a)), when loaded so as to cause 
compression, resulted in slightly larger residual lengthening. This residual 
lengthening in segment A at the last cycle to ductility M = 11 was found to be 
3.4 mm and is considered to have resulted from the response of the spandrel 
beams when subjected to distortions causing rotations about their vertical 
axis (Fig.6.30). 
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Using the results of Fig.6.18 and applying Eq.(3.9), the total 
rotations of the east beam over 825 mm length were calculated and plotted in 
Fig.6.19. This 825 mm length, being equal to 1.5 times the beam depth, was 
considered to represent the plastic hinge length. Fig.6.19 will be referred 
to again in Section 6.3.4. 
Results of beam lengthening at mid-fibre are shown in Figs.6.20 and 
6.21, while those of beam curvatures are presented in Figs.6.22 and 6.23. 
Patterns are similar to those presented in Sections 4.3.2 and 5.3.1. 
Estimated slips of the beam bar within the joint core are plotted in Figs.6.24 
and 6.25. The slips were comparable to those observed in Unit 2D-I (Figs.5.23 
and 5.24). The anchorage of the beam bars was adequate because, as reported 
in Section 6.1, the bottom beam bars eventually buckled. 
6.3.3 Decomposition of Displacements 
The major components of the total beam or storey displacements were 
calculated and these are presented in Figs.6.26 to 6.29 according to the same 
approach described in Section 4.3.3 and 5.3.2. As explained in Section 6.3.1, 
joint shear distortions in the north-south direction were not evaluated. The 
features exhibited in Figs.6.26 to 6.29 are similar to those seen for Unit 2D-
I in Figs.5.25 to 5.28. 
6.3.4 Lateral Movements of North-South Beams 
As reported in Section 3.5.2 and as shown in Fig.3.13, linear 
potentiometers were mounted to monitor 
north and south spandrel beams and 
corresponding rotations and twists 
Appropriate corrections were made Eor 
the whole specimen. The north-south 
the east-west lateral movements of the 
the joint. The data enabled the 
of the beam ends be calculated. 
the horizontal rigid-body rotation of 
movement of the joint could not be 
monitored precisely with linear potentiometers due to practical difficulties. 
Consequently horizontal rigid-body rotations could only be estimated using 
data from other dial gauge readings (Fig.3.12(a)). Since the beams also moved 
vertically under bi-directional loadings, results from the linear 
potentiometers were further corrected 
shown in Figs. 6.30 to 6.33, always 
slab, i.e. 65 mm from the top surface. 
accordingly. Points a, b, c and d, 
refer to locations at mid-depth of the 
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Fig.6.30 shows the horizontal east-west deflections at the beam ends 
and at the joint. It is seen that the north and south beam ends moved 
laterally significantly with respect to the joint. At negative ductilities 
when the east beam was being displaced downwards (Fig.6.30(a)), the 
deflections were generally symmetrical. This pattern is consistent with the 
participation of the slab bars in tension flange action which is discussed in 
Section 6.5. However,, there was consistent decrease in lateral displacements 
at point a (i.e. north end) when proceedings from an imposed uni-directional 
negative ductility to a bi-directional ductility of the same level 
(Fig.6.30(a)). This trend was reversed at point d at the south end. 
Distortions 
irregular. _While the 
eastward movements at 
paragraph attempts to 
of the floor slab in 
effect of the sequence 
at positive east-west ductilities (Fig.6.30(b)) were 
joint (points b and c) moved to the west, residual 
points a and d remained dominant. The following 
explain the above phenomena by considering the behaviour 
this exterior joint assembly. Also the predominant 
of applying displacement ductilities is more easily 
in some detail the measurements recorded in one 
purpose cycle 11 to bi-directional ductility of 
appreciated by reviewing 
specific cycle. For this 
M = 6* is chosen. 
In Fig.6.30(c), the east-west lateral deflections of the beam ends, 
relative to the column (joint), at various stages of cycle 11 are shown by a 
continuous solid line for the north beam and a dashed-dotted line for the 
south beam. 
As can be seen in Fig.6.30(c), at the end of cycle 10 when all 
external applied forces were removed, there was a large residual deflection at 
the north end. In load run 21A, the east beam was subjected to negative 
(downward) ductility of M = -6(EW). Both spandrel beams moved eastwards in a 
similar fashion. It is considered· that this resulted from the fact that the 
floor slab acted as tension flange of the east beam. It is reported in 
Section 6.5 (slab bar strains) and in Chapter 7 (slab behaviour) that the 
north-south slab reinforcing bars were simultaneously str~ssed in tension. 
The following load run 21B imposed an additional ductility of 
M = 6(NS), resulting in a bi-directional ductility referred to as -6* in 
Fig.6.30(a). As north beam was displaced upwards, its lateral deflection 
reduced (Fig.6.30(c)). At the same time the south beam moved further to the 
east whilst undergoing downward displacement. Thus there was an "apparent" 
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horizontal anti-clockwise rotation of the test specimen about its column axis. 
Upon unloading in run 21 by first proceeding to zero EW ductility, this 
"apparent" anti-clockwise rotation continued. However, at the second stage 
while approaching zero NS ductility, the north beam deflected backwards to the 
west while the south beam changed little. 
In run 21B when the south beam was pushed downwards, the N-S running 
slab bars in the southern slab panel were stressed more severely than in run 
21A. At the same time, tensile stresses in the E-W slab bars in the same 
panel had to be increased to sustain the diagonal compression field that 
transmit in-plane shear forces due to the simultaneously applied downward tip 
forces at east and south beams. Thus in comparison to the north beam, lateral 
deflection of the south beam increased. The simultaneous upward displacement 
of the north beam caused compression in the top fibres of the north slab panel 
close and parallel to the spandrel beam. Consequently the east-west tension 
in the north slab panel would have . reduced. This resulted in the decrease of 
the E-W lateral deflection of the north beam. 
A clockwise rotation of the test unit about a vertical axis, opposite 
to that reported for run 21' was observed in run 22A to J.t = -6(NS). No 
external force was applied to the east beam. The north beam was pushed 
downwards and its eastward deflection doubled. Deflection at the south end 
decreased further as the south beam was lifted upwards. Again it is 
considered that this resulted from increased tension being generated in the 
north-south slab bars in the north panel, necessitating also increased tension 
in the east-west slab bars in order to mobilise a diagonal compression field 
in that panel. 
In run 22B to J.t = -6(NS) and +6(EW) causing compression in the top 
fibres of the east beam at column face, both spandrel beams deflected 
backwards (i.e. to the west). As can be seen in Fig.6.30(c), the westward 
movement of the south beam was much larger. 
Upon unloading first to zero N-S ductility while maintaining 
J.t = +6(EW), the north end rebound further to the west but the south end 
deflected again eastwards, both by a small magnitude. Subsequently the E-W 
ductility was removed, causing both spandrel beams to move eastwards. There 
were always residual tensile strains in the slab bars. 
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The results in Fig.6.30 are presented in a condensed format in 
Fig.6.31 in which the average absolute lateral deflections of the beam tips, 
relative to the joint, are plotted versus the displacement cycles. The 
gradual and consistent increase in beam tip movements with progressive 
ductilities is more easily seen. 
The unsymmetrical response of Unit 20-E, in terms of the "rigid body 
rotations" implied by the test results of Fig.6.30, is considered to be a 
test assembly. 
influence on the 
The phenomenon is not 
overall behaviour of 
feature of an isolated exterior joint 
considered to have any significant 
exterior joints, particularly in a real 
with adjacent parts of the floor· system 
building structure where continuity 
will inhibit in-plane (rigid body) 
rotations. 
Rotations about the north-south horizontal axis of spandrel beam 
sections at the same four points, are presented in Fig.6.32. For an easier 
interpretation of these results, the rotations at locations a and d relative 
to those measured at b and c, defined as twist, were computed and these are 
presented in Fig.6.33. Up to an east-west ductility of 6, symmetrical 
response is evident. Differences of beam twists with larger imposed 
ductilities are significant and consistent with similar differences in 
horizontal deflection of the spandrel beams shown in Fig.6.30. 
In Section 6.3.2 the total rotations of the east beam over a distance 
of 825 mm from the column face, considered representative of the plastic hinge 
rotations, were shown in Fig.6.19. The response throughout the test was 
nearly symmetrical, although the magnitudes of positive rotations associated 
with upward bending of the east beam tended to become smaller at ductilities 
of six or more. However, as far as the spandrel beams are concerned the 
predominantly negative end rotations shown in Fig.6.33 indicate that these 
beams were essentially influenced by the downward bending of the east beam. 
Because of tension flange action this was to be expected. When the east beam 
was displaced upwards to achieve positive E-W ductilities, large residual 
negative rotations prevailed (Fig.6.33). This trend is consistent with that 
observed earlier when the lateral deflections of the spandrel beams were 
considered. 
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Fig.6.34 compares the measured 
beam tip, ~' which are extracted from 
vertical deflections, ~slab' due to the 
twist angle &* in Fig.6.34 was taken as 
vertical displacements at the east 
Fig.6.12, and the estimated slab 
twists in the spandrel beams. The 
the average of the angles found for 
the north and south beams shown in Fig.6.33. Deflections due to flexure or 
shear developed in the slab were neglected. The results in Fig.6.34 
corresponding with uni-directional negative E-W ductilities are as expected. 
The displacement 6slab increased as loading progressed. At ductility 
M = -11(EW), 6slab nearly matched~· At this stage twists in the spandrel 
beams appeared to be comparable to the rotations in the east beam. 
Using traditional methods [1,4] and treating the spandrel beams 
having a rectangular section, the cracking torque and ideal torsional post-
cracking strength were estimated as 39 kNm and 67 kNm respectively. When all 
twelve D10 east-west slab bars in one slab panel (Fig.3.16(b)) were stressed 
to the yield strength of the steel,. the torsional moment with respect to the 
centre of the rectangular beam section would have been 68 kNm. However, the 
spandrel beams were also subjected to bending about the weak axis and to 
horizontal shear forces. Moreover plastic hinges developed at column faces 
under north-south seismic actions. Therefore it is considered that torsional 
moments, even at large twists due to large east-west negative ductility 
loading, were very small. The overall performance of the test unit, in terms 
of strength and ductility capacities, was considered not to have been affected 
by the twisting of the spandrel beams. 
6.4 BEAM BAR STRAINS 
Strains in the longitudinal reinforcing bars of the three beams, 
measured by electrical resistance strain gauges, are summarised in Figs.6.35 
and 6.36. In a pattern similar to that observed with the last two units, 
starting from ductility level of M = 3 strains became erratic particularly at 
column faces. More realistic strain distributions at large ductilities at 
beam bar levels in the plastic hinge regions are given in Figs.6.37 to 6.39. 
Throughout the loading history the north-south beam bars were 
adequately anchored inside the joint core (Fig.6.35). Buckling of the bottom 
layer beam bars commenced in the second cycle to M = 11. The limited 
information in Fig.6.35 nevertheless shows that bar strains within the joint 
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remained predominantly tensile and bond forces were developed over the full 
depth of the joint core rather than outside the joint. 
When Fig.6.35 is studied together with Figs.6.37 and 6.38 for beam 
strains in the north-south 
stresses developed in the 
hardening. The maximum 
direction, it 
beam bars at 
level appeared 
is concluded that the compressive 
column faces did not attain strain 
not to have exceeded yielding in 
compression. The largest tip forces observed from the response of the north 
beam (Fig.6.13) were 165 kN (upward) in run 29 to~= 11 and 174 kN (downward) 
in run 30 to ~ = -11. According to the estimation method based on truss model 
for the transfer of beam shear (Section 4.4), it is found that the probable 
steel compressive stresses at column faces were of the order of 0.8f in the y 
top bars and 0.9f in the bottom bars of the symmetrically reinforced beams. y 
Referring to the east beam (Fig.6.36 and 6.39), both the top and 
bottom bars were provided .with 90" standard hook anchorages in the joint core. 
The beam was initially displaced downwards (i.e. to negative ductility) in 
each cycle. The pattern of strain distributions shown in Fig.6.39 agrees with 
those found for Unit 10-I (Figs.4.27 and 4.28) and Unit 20-I (Figs. 5.30 to 
5.33). This confirms the spreading of inelastic steel tensile strains in the 
plastic hinge towards the free end of the east beam. 
The effect of bi-directional loading on the strains in the east beam 
bars measured by strain gauges can be seen in Fig.6.36. With allowance for 
this effect, the strain patterns shown in Fig.6.36 indicate that adequate 
embedment lengths were provided to anchor the beam bars subjected to cyclic 
tension and compression forces. Consistently low tensile strains were 
maintained at gauges A and B. However, larger strains were recorded at gauge 
C. The hatched lines marked "X" in Fig.6.36 indicate the theoretical position 
beyond which anchorage for hooked beam bars should be provided in compliance 
with NZS 3101 [4] provisions. The code suggests that a distance of 
10db = 240 mm (for 024 bars) or· 200 mm (for 020 bars), measured from the inner 
face of the exterior column, should be ignored when estimating anchorage 
lengths (see Fig.2.5). This recommendation was based on previously obtained 
experimental evidence confirming yield penetration along beam bars undergoing 
large ductility reversals. It was observed in this test, and evidenced in 
Fig.6.36, that anchorage especially in compression was very satisfactory. 
Therefore some relaxation in the 10db requirement to a reduced 8db length is 
considered permissible. As will be seen in Chapter 8, the concrete strut 
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Fig.6.40 - North-south top layer slab· bar strains 
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mechanism of exterior joint shear resistance is enhanced by the anchorage 
forces at these hooks. 
The vertical east beam shear forces measured at the tip (Fig.6.12) 
were found to be slightly less than those observed for Unit 20-I. Hence 
referring to Sections 5.4 and 4.4, the maximum probable compressive stresses 
in the beam bars were O.Sf at top and l.Of at bottom. y y 
6.5 SLAB BAR STRAINS 
Figs. 6.40 and 6.41 show the slab bar strains in the north-south 
direction. In this direction, the joint assembly behaved as an interior joint 
assembly like Unit 20-I. Although the absolute magnitudes of the strains 
measured were less than those seen in Figs.5.34 to 5.35, the observations and 
conclusions reported in Section S:S for Unit 20-I are considered equally 
applicable to this Unit 20-E. Therefore only essential points are highlighted 
here. The dominant influence of north-south actions on the five top layer 
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slab bars near to the column is evident in Fig.6.40. The smaller strains 
observed in this 
5.35, are likely 
(see Fig.3.16). 
direction as in 
test, when 
to be caused 
A different 
an exterior 
comparing Figs.6.40 and 6.41 to Figs. 5.34 and 
by curtailing the east-west top layer slab bars 
mechanism of slab force transfer in the E-W 
joint, to be discussed in Chapter 7, would 
accordingly affect the transverse N-S slab bars 
ductilities. To demonstrate the participation of 
ductilities, strains at ~ = ±3(EW) are plotted in 
elastic tensile strains are considered significant. 
especially at increasing 
these N-S slab bars in E-W 
Figs.6.40 and 6.41. The 
In the east-west direction, the top layer DlO slab bars (Fig.6.42) 
had standard hook anchorages as shown in Fig.3.3(b) and in this respect 
satisfied code [4] requirements. While all twelve bars were strain gauged 
along and above the inner face of the north-south beam, as shown, it is to be 
noted that, because the north and south beam ends were enlarged (see Section 
3.2), the four outermost slab bars (i.e. ETS6, ETSS, ETN5 and ETN6) were 
provided with slightly longer embedment length. The same applied to the 
bottom layer bars EBS6, EBSS and EBN5 in Fig.6.43. 
Under negative east-west ductilities (Fig.6.42(b)), slab bars were 
strained in tension. Therefore Fig.6.42(b) gives important information 
regarding the extent of slab bars participating in tension flange action. At 
uni-directional ductility~ = -1(EW), two slab bars on each side of the column 
(i.e. ETSl, ETS2, ETNl and ETN2) attained very high elastic tensile strains. 
These strains reduced, as expected, when the east beam was displaced upwards 
as indicated by the strain results for~= l(EW) in Fig.6.42(a). 
With the advancement of cyclic loading, tensile strains above yield 
level developed in more slab bars at negative east-west ductilities 
(Fig.6.42(b)) while at subsequent positive (E-W) ductilities, large residual 
tensile strains were observed (Fig.6.42(a)). The effect of bi-directional 
loading on the E-W slab bar strains is more obvious in Fig.6.42(a) showing the 
positive ductility case, in which the south beam was pulled upwards and the 
north beam pushed downwards. It has been shown in Fig.6.40(b) and discussed 
in the first paragraph of this section that tension forces developed in the N-
S slab bars. The diagonal compression field mobilised in the slab (see 
Chapter 7) required that the E-W slab bars be stressed in tension. Hence 
increased tensile strains under bi-directional loading were consistently noted 
in Fig.6.42(a). The increase was more uniform in the north slab panel. 
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In the negative ductility range (Fig.6.42(b)), the effect of bi-
directional loading was less obvious. There were increases and decreases in 
slab bar strains. The changes appeared to be more uniform in the south slab 
panel. This can be explained by considering the loading history (Fig.3.19) 
according to which negative E-W ductility was imposed prior to positive N-S 
ductility of the same magnitude. As the south beam was displaced downwards 
together with the east beam, the bars in the south slab panel were stressed in 
tension in both directions. 
At ductility of M = 6 or more (Figs.6.4(b) and 6.5), concrete 
spalling and crushing in the beams at column faces might have caused some of 
the slab bars to loose their anchorage. Subsequent strain readings were 
considered questionable. However, the conclusion drawn from the consistent 
tensile strain distributions, shown in Fig.6.42(b), is that at least four bars 
on each side of the column were subjected to tension at yield strength when 
the east beam was displaced downwards. This observation agrees with that made 
in Fig.6.12, in which the measured negative (downward) beam tip forces ranged 
between the theoretical -P. (which considered only two slab bars in tension, 
1 
according to code [4] recommendations) and -P.* (which included all the twelve 
1 
top layer slab bars in tension, as a hypothetical extreme case). 
When the east beam was pulled upwards to positive ductilities, the 
reductions in tensile strains as can be inferred from Fig.6.42(a) suggest that 
probably four slab bars on each side of the column were subjected to 
compression. In particular 
marked ETSl and ETNl. The 
compressive strains were measured in the bars 
results can be correlated with the discussions 
presented at the end of Section 6.2.3 which suggested that a flange under 
compression existed at the top of the slab. 
The bottom layer east-slab bars (Fig.6.43) were embedded in the 
spandrel beams each with a straight length of 260 mm. 
anchorage hooks, it is evident from Fig.6.43 that 
column were also stressed in tension. 
Despite the absence of 
slab bars close to the 
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6.6 COLUMN BAR STRAINS 
Strain results shown in Figs.6.44 and 6.45 for the column bars 
confirm that the column sections remained elastic throughout the test. In 
view of the similarity to results observed in the other tests, only selected 
results are presented here. In general the column's performance was superior 
to that of Unit 20-I's interior column discussed in Section 5.6. A comparison 
of the design and flexural strengths of the columns estimated on the basis of 
specified material properties can be seen in Table 3.3 of Section 3.2. 
Under unidirectional east-west loading (Fig.6.44(a)), the exterior 
column bars Cl and C6 showed predominant tensile strains in agreement with the 
loading direction and ductility levels. The tensile strains were generally 
low. The very high tensile strains at level 2 in both of these bars at 
ductilities of M = -8 and M = -11 were unexpected and could not be explained. 
However, reference can be made to column bars C2, C3, C7 and C8 in Fig.6.45(b) 
in which bar strains at bi-directional ductilities are presented. These do 
not show similar irregularities. Hence the high tensile strains at level 2 of 
bars C1 and C6 have been disregarded. 
For the intermediate column bars C9 and CS (Fig.6.44(a)), the tensile 
strains recorded were consistent and gradually increasing, particularly at 
levels 2 and 3. This is seen as a moderate participation of the column bars 
in the truss mechanism of shear resistance of the (exterior) joint core in the 
east-west direction. 
While for the column bars in Fig.6.44(a) relatively low tensile 
strains under uni-directional E-W loading were recorded, Fig.6.44(b) for the 
same bars under bi-directional loading show higher tensile strains. The 
strain variations of bars C9 and CS at levels 2 and 3 are consistent with the 
predominance of loading in the north-south direction and indicate that the 
column bars were well anchored inside the joint. It should be noted that 
contrary to the predictions of 
sections at levels 1 and 4, only 
in bars CS and C9. 
a routine analysis of the critical column 
negligible compression stresses were recorded 
Fig.6.45 shows column bar strains in terms of north-south loading. 
Similar conclusions as above are drawn. Because column bars C9 and CS have 
been included in Fig.6.44, Fig.6.45(b) shows two alternative bars C2 and C3 
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under bi-directional loading. Fig.6.45(b) supports the assumption relevant to 
the participation of vertical column bars in the truss mechanism of joint 
shear resistance (see Section 4.6) The tension imposed on these column bars 
within the joint manifests itself in the virtual absence of compression 
strains at the boundaries of the joint, as seen in Fig.6.45. 
6.7 STRAINS IN JOINT TIES 
In the calculations in Appendix D.l, it is shown that just enough 
horizontal joint reinforcement was provided for the predicted shear inputs 
from both E-W and N-S directions to satisfy code [4] requirements. The strain 
results for the north-south running legs of the joint hoops under ductilities 
defined in the N-S direction are presented in Fig.6.46, while results for the 
east-west legs at E-W ductilities are given in Fig.6.47. Fig.6.48 shows the 
bar strains under loading transverse to the orientation of the tie legs. This 
presentation format is identical to that used for Unit 20-I in Section 5.7. 
Conclusions similar to those for the other units can also be drawn, although 
strains measured in this unit were smaller. It appears that the strain 
patterns seen in Figs.6.46 and 6.47 are not significantly different even 
though the joint in the E-W direction functioned as an exterior joint as 
opposed to an interior joint in the N-S direction. The only noticeable 
exception is the results for type B hoops at negative ductilities 
(Fig.6.47(b)). Tensile yield strain was exceeded in ties in the upper half of 
the joint because there was larger shear input from the top bars of east beam 
under negative (downward) bending. It is evident that of types A, B and C 
hoops, only the capacity of the type B hoops were fully utilised. The joint 
core remained essentially elastic, as desired. 
In summary, the general strain pattern shows a gradual but consistent 
increase in tensile strains with ductility levels. This indicates the gradual 
deterioration of joint shear resisting mechanism via concrete compression 
strut. In the east-west direction (Fig.6.47), higher readings for the bars 
during imposed bi-directional ductilities (e.g. results between M ; ±3 and 
* M = ±3 ), did not suggest the existence of any confining effect, as claimed 
sometimes, to improve joint performance. It is considered that strains in the 
short legs of types C and E ties are primarily due to anchorage required to be 
provided for the development of consistently higher forces generated in the 
long legs of these ties. 
VI Q U) ~ R/6 I R/2 <! 
R/6 ..._ -~ R/2 ~ 0 
-, R/6 li) 
R/2 
R/6 
Beom bottombo~ 
254 
N 
Type D Strom T e E N-S N 3Nos [I}NS 
R16 Hoops gouge 
3Nos t ~ 4Nos 
yp rr=====i--- Strain gouge Type F 
R12 Hoops~ R16 Hoops 
0 1000 2(X)() 0 2000 2000 
---------Tensile Strain x T0-6 
(a} Bar Strains at Positive (North-South} Ductilities 
N 
Type E N~S N Type F 3Nos t ~!.Nos 
R121-/oops o-Strom gouge Rf6 Hoops 
0 2000 
I 
\ 
-1 ) 
I 
I 
I 
~@)~Ey 
'lfl0-~l 
-o -3 
f j 
0 1000 2000 
--------- Tensile Strain x w·6 
( b J Bar Strains at Negative (North-South J Ductilities 
I 
I 
~ 
I 
I 
I 
I 
I 
I UNIT 2D·EI 
2000 
Fig.6.46 - North-south joint horizontal hoop stains under north-south loading 
Beam 
fop bors~=f:.:p 
E-W Strain gauge 
3Nos.IJ.. 
Type A East 
R/6 Hoops 
Ey 
I 
I 
I 
2000 
255 
_ tal. Nos. 
East Type C 
3 Nos. 
Type 8 
R/2 Hoops b-
E-W Strain gauger, 
R16 Hoops 
0 1000 
Ey 
I 
I 
I 
2000 
Tensile Strain x 10·6 --------
2000 
(a) BAR STRAINS AT POSITIVE (EAST- WEST) DUCTILITIES luNIT 2D·EI 
0 
E- W Strain gauge 
3Nos. G 
TypeA East 
R16Hoops 
(?),®..)@ 
q'; ).fill;_ .,~L)~ 
I ill~ I I II I I ·I f£''1 
1000 
E:y 
I Note:-
~<indicates 
I bi-directional loading 
I 
2000 
3Nos. 
TypeB 
R12Hoops 
0 
~ - East 4 Nos. E-W Strain C)OUge 1r ~East TypeC 
R16 Hoops 
1000 2000 
·l~v;· ~it 
I 11 Itt I ~',.../..;J...._ 
0 
l~i~\( (§ 
1:-t II \\\ 
I I i \\ 11 } ) \) 
I 1l I ,(\ 
I 1 II I 
1000 
r 
I 
I 
2000 
Tensile Strain x 166 
(b) BAR STRAINS AT NEGATIVE (EAST WEST) DUCTILITIES 
Fig.6.47 - East-west joint horizontal hoop strains under east-west loading 
Beam 
top bars_ 
.£; 
Q 
-, 
Beam 
bottom bor:_,.__-t-+-" 
Beam 
top bars 
._ 
.£; 
Q 
-, 
256 
N 
3Nos Strain mE-W Type A gouge R16Hoops 3Nos c:s--• E-W ~ I.Nos Type B Strain gouge Type C R12 Hoops · R/6 Hoops 
~~@ 
I I I I 1 ( ({YiJ 
\ \\\ 
\ \ \\ 
\ \ \\ 
lEy 
I 
I 
I 
lEy 
I 
I 
I 
I (-3)@) (f 
I .::<i I !I -II pi/( 
\ !'\\ I I \ \ 
I \ \ ' 
I I \ \ I I 
0 /000 2000 0 1000 2000 0 1000 2000 
Tensile Strain )( 10-6 ------------
( o) East- West Bar Strains at North- South Ductilities 
3 N N-S Strom I. Nos 
OS ogouge TypeD 
R16Hoops ~~ Type E ~ N-S R/6 Hoops 
3Nos -~~peF 
R121-bops~...... Strain East ~East gouge 
l£y 
I 
I 
0 1000 2000 2000 0 /(X)() 2000 
jUN/T 2D-Ej 
---~-----Tensile Strain >< 10-6 ------;:::=====---. 
{b) North-South Bar Strains of East-West Ductilities 
Fig.6.48 - Strains in horizontal joint hoops under loading transverse to 
the orientation of the tie legs 
257 
CHAPTER 7 
THE ROLE OF FLOOR SLABS 
7.1 GENERAL ISSUES 
An important objective of this research project was to identify, and 
if possible to quantify, the contributions of floor slabs to both the 
enhancement of the flexural strength of beams and the behaviour of beam-column 
joints in the inelastic seismic response of reinfrirced concrete frames. The 
present state of understanding of these slab contributions, as reflected in 
code provisions, has been covered in Section 3.8. In. this section suggestions 
are made using relatively simple mechanisms to predict, with an accuracy 
considered to be acceptable for general design purposes, significant aspects 
of flange behaviour. The sources of beam strength enhancement are of 
particular interest, for they need to be considered in the design for shear 
strength of beams, the flexural strength of the columns, and the shear 
strength of joints. Reference is also made to experimental evidence to 
support suggested behavioural models. 
In attempting to develop a design strategy for the incorporation of 
slab effects considered above, the following relevant questions are considered 
to serve as guidelines : 
(1) To what extent is the flexural strength of a beam, considering the 
presence of horizontal slab bars parallel to such a beam, enhanced by a 
tension flange? In simple terms, what may be taken as the effective 
width of a flange in tension? 
(2) Having identified the fact that the enhancement of the flexural strength 
of flanged beams will be greater when ductility demands increase during 
a major earthquake, what magnitude of strength enhancement should d 
designer rely on, and what magnitude should be used when considering 
force input to joints and columns? 
(3) How important are the contributions to frame behaviour of transverse 
beams which are cast monolithically and hence interacting with the floor 
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slab in torsion, flexure and shear, in terms of the enhancement of the 
lateral force resistance of ductile frames? 
(4) To what extent does increased beam flexural strength affect the desired 
resistance of beam-column joints? Does the increase of joint shear 
force due to flange contributions in beams warrant the use of additional 
joint shear reinforcement? 
(5) Does a slab, surrounding partly or fully the top region of a beam-column 
joint, contribute to the strength and performance of such a joint? 
(6) To what extent are slab contributions affected when ductility demands on 
two-way frames arise simultaneously in both principal directions of the 
framing system during skew earthquake attacks? 
(7) To what extent does beam strength enhancement due to the contribution of 
slabs affect the desired hierarchy in the design strength of columns and 
beams? 
In attacking the issues, isolated free body models, taken from 
various parts of the floor system, are extensively · used to establish 
equilibrium criteria for each part. Subsequently attempts will be made to 
reconcile compatibility of deformations in adjacent free bodies, particularly 
in the plastic state. The main function of structural models is to offer a 
rationale for the flow of internal forces from various parts of the floor slab 
to the joint, where actions in beams and columns must equilibrate each other. 
In consistency with the experimental part of this research project, the 
structural models are based on one-way and two-way cast in place beam-column-
slab assemblies which are statically determinate. However, the principles 
developed will be extended to continuous beams of prototype building frames. 
7.2 MECHANISMS IN SLABS ACTING AS FLANGES 
7.2.1 Bending Effects on Slabs 
Earthquake induced lateral forces on two-way slabs simultaneously 
impose a complex pattern of flexure, 
effects and membrane actions in slabs, 
torsion and membrane forces. Bending 
the latter being considered of prime 
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importance, are examined as two 
effects, in general not likely to 
as part of bending. 
distinct features of behaviour. Torsional 
be significant in slabs, can be considered 
Fig.7.l(a) shows the deformed shape of an interior flanged beam of a 
two-way frame which is subjected to lateral forces. Effects of gravity are 
not considered. Strips of the slab, parallel to but located further away from 
the longitudinal beam A-B, may be subjected to section curvatures similar to 
those developed in the beam. The deformation of a strip of slab, such as that 
shown in Fig.7.l(b), will depend to a great extent on the stiffness of the 
slab in flexure relative to that of the transverse beams in torsion. 
Fig.7.l(b) shows the idealized extreme case of a transverse beam at A with 
infinite torsional stiffness. Such a beam would impose on the slab the same 
rotation, e' = e, which occurs at the beam-column junction. Consequently, the 
end moments induced in the slab, rnA and m8 , would then be proportional to 
either the flexural stiffness of the elastic slab, or equal to the flexural 
strength provided in these slab sections if the response is in the inelastic 
range. The latter would depend on the amount of effective bottom or top slab 
reinforcement respectively at the faces of the transverse beams. These slab 
moments would need to be transmitted by the transverse beams to the columns by 
means of torsion, as illustrated in 
the transverse beam would then be 
Fig.7.2. The torsional moment Mty from 
transferred to the beam-column joint. 
Accordingly, by the development of slab moments the lateral force resistance 
of the frame would be increased. The beam A-Bin Fig.7.l(a) may be assumed to 
be unaffected by the slab moments shown in Figs.7.1 and 7.2. However, in 
realistic situations some twisting of the transverse beams would be 
inevitable, so that&'< & (Figs.7.l(a) and (b)). 
Figure 7.l(c) shows the other extreme of boundary conditions for a 
slab strip. In this case it is assumed that the transverse beams have no 
torsional stiffnesses. Hence in spite of the large twist d, no torque is 
generated in these beams. The slab in this case is not subjected to curvature 
and thus no moments are developed in it. Again the strength of the beam A-B 
(Fig.7.l(a)) is not affected. 
A designer would need to use some judgement when estimating the 
significance of slab contributions due to imposed curvatures which, as the 
above two examples illustrated, depend predominantly on the torsional response 
of the transverse beams. If twisting is significant, early diagonal cracking 
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(a) 
mA 
~,,,,,,,,.,.,., ............. ···· 
(b) 
(c) 
Fig.7.1 -Slab contribution to lateral force resistance due to 
imposed curvature only 
X 
"'y 
Face of 
column 
Fig.7.2- A transverse beam subjected to torsion due to moments 
introduced by the adjoining slabs 
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in the beam will result in a large reduction of torsional stiffness. In the 
case of two-way frames, such as that implied in Fig.7.1(a), the inelastic 
seismic response of the structure in a 
will also affect the torsional response 
flexural and diagonal cracking, and the 
direction transverse to the beam A-B 
of the transverse beams. The ensuing 
formation of two plastic hinges in 
each span of a transverse beam, are likely to render the beam's torsional 
stiffness negligible. 
During the elastic response of a frame under lateral force, slab 
participation of the type shown in Fig.7.l(b) is likely to contribute to some 
enhancement of lateral force resistance of a frame. However, with increasing 
ductility demands this contribution must diminish for the reasons discussed 
above. Membrane action, to be discussed in the next section, will lead to 
further, if not to complete, elimination of flexural contribution (Fig.7.1(b)) 
of a slab. Consequently, bending effects on slabs are not considered to 
warrant further considerations in the context of slab contributions to the 
enhancement of the lateral force resistance of ductile frames. 
7.2.2 Membrane Actions in Slabs 
After the formation of a 
reinforcement subjected to tension 
approximated by the dashed block 
adjacent slab from consideration of 
plastic hinge, with the top beam 
T 1, very large tensile strains 1; 3 , 
Ln Fig.7.3(a), will be imposed on the 
compatibility. Thus slab reinforcement 
placed parallel to the beam will also 
reasons to be examined subsequently, 
strips located further away from the 
interstorey drifts, slab forces may be 
be subjected to tensile strains. For 
these tensile strains reduce in slab 
beam-column joint. With large imposed 
associated with yielding of the slab 
reinforcement. Strength enhancement in frames, due to slabs acting as tensile 
flanges, is considered to originate predominantly from membrane forces such as 
T in Fig.7.3(b). Therefore the mechanism of this type of membrane action, 
X 
particularly during the inelastic seismic response of ductile frames, warrants 
closer examination. 
shown in 
At a certain stage of the frame response
1
bending moments such as mB 
Fig.7.l(b) and axial tension forces such as T in Fig.7.3(b), will be 
X 
developed simultaneously in 
flexural strength of the slab 
the slab. As membrane tension increases, the 
section will diminish. When membrane strains 
are large enough to cause both the effective top and bottom slab bars to 
262 
Ten · Ston s. Ide 
{a) 
(b) 
Fig.7.3- Membrane action in a slab due to beam curvature 
Cs~ 
Vs= t::.Cs 
(a) 
Edge of flange 
(parallel to beam) C. 
Fig.7.4- Forces on flange edge elements 
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yield, moments in the slab (mB) will vanish. 
slabs reinforcement contents are generally 0.2 
In ordinary floor construction, 
to 0.3% of the slab sectional 
area. Bar curtailments are common. Thus mB is not large. 
The behaviour of flanges of homogeneous beam sections is well 
established. Relevant analyses, such as used to estimate the effective width 
of the compression flanges of reinforced concrete T or L beams, usually refer 
to the midspan region of beams where positive moments prevail (see Section 
3.8). It follows then from first principles that when a beam is subjected to 
moment and shear, its flanges, formed by a cast-in-place floor slab, are also 
subjected to horizontal in-plane shear forces. For example, the horizontal 
shear force V on the slab edge element of a compression flange, shown in 
s 
Fig.7.4(a), results from the difference of flexural compression forces applied 
to adjacent sections. When the resulting shear stresses are large enough, 
cracks due to diagonal tension will develop in such compression flanges. 
Unless appropriate shear reinforcement, normally placed at right angles to the 
shear force V (Fig.7.4(a)) is provided, the contribution of such a slab to 
s 
flexural resistance may vanish once diagonal cracks due to in-plane shear 
develop. 
Fig.7.3(a) indicates that during unidirectional seismic attack, which 
introduces anticlockwise beam bending moments applied to the column, the 
adjoining slab is subjected to membrane forces. This will cause tension T1 on 
one side and compression c2 on the other side of a transverse beam. This mode 
of introduction of in-plane forces into a flange is the single most important 
feature of slab contribution at joints to the strength of frames subjected to 
lateral forces. 
Fig.7.4(b) shows a corresponding element at the free edge of a slab. 
The centre line shown is that passing through the column of a one-way frame 
system. The tension and compression slab forces, T and C , are those which 
s s 
should be developed by the lateral forces on the frame generating beam mo;nen ts 
as in Fig.7.3(a). 
V : T + C , than 
s s s 
It is evident that a very much larger shear force, 
that implied in Fig.7.4(a) would need to develop in the 
slab if equilibrium of membrane forces acting on the slab element of 
Fig.7.4(b) is to be maintained. The accumulation of membrane shear forces in 
such a slab strip could not normally be sustained in the vicinity of the 
column centre-line. It is postulated that with the exceptions of regions very 
close to the column, compression forces in the slab, shown as c in 
s 
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(a) 
Fig.7.5- Equilibrium criteria for the mechanism of force resistance in one 
quadrant of a floor slab acting as the tension flange of a beam 
( c J Steel forces 
at E-W 
centre line 
w 
(a J 
d ll ~ J. 
Tenston 
Fig.7.6- Tension flanges acting as a deep beam 
Fig.7.7 -Observed tensile steel stress patterns at slab edges 
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Fig.7.4(b), cannot be developed when the ultimate lateral force resistance of 
a frame is being approached. Instead, tensile forces, such as T' in 
X 
Fig.7.3(b), will be present. This feature is more obvious in one-way slabs 
where transverse beams do not exist. Test results reported in Chapters 4 to 6 
support this postulate. 
7.3 MECHANISM OF TENSION FLANGES AT INTERIOR JOINTS 
7. 3. 1 Equilibrium Considerations 
Fig.7.5(a) shows the plan of an isolated north-west quadrant of a 
floor slab, situated on the tension side of the east-west beam. It represents 
a part of a typical isolated test unit such as Unit 20-I of Chapter 5. When a 
downward force is applied to the western tip of the beam, tension (membrane) 
forces T will be generated in the slab bars placed parallel to the east-west 
X 
beam. To maintain equilibrium for the free body in Fig.7.5(a), a shear force 
equal to the total tension force ET 
X 
south.edge of the panel. With the 
it is assumed that shear transfer 
and a moment M must be applied to the 
s 
presence of large cracks across the slab, 
across the N-S beam-slab interface is 
negligible. The horizontal E-W shear forces generated in a homogeneous slab 
may still be transmitted to the east-west beam by means of concrete shear 
stresses. However, when ensuing diagonal tensile stresses become large, 
diagonal cracks will develop in the slab. This was consistently observed in 
tests (Chapters 4 to 6). For this condition a new mechanism of shear transfer 
must be mobilized which does not rely on the diagonal tensile strength of the 
concrete. 
The mechanism associated with the transmission of the external forces 
identified in Fig.7.5(a), within a diagonally cracked flange (slab), is 
modelled in Fig.7.5(b). The generation of shear forces along the south edge 
of the panel requires the development of diagonal concrete compression forces, 
the sum of which is labelled D. Equilibrium can be maintained only if tension 
forces T are simultaneously developed in bars crossing the southern edge of y 
the panel. Equilibrium may thus be satisfied when 
(7. 1) 
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The equilibrium at any point within a diagonal concrete strut, such 
as points A or B highlighted in Fig.7.5(b), also requires three concurrent 
inplane forces shown by the smnall arrows. Note that the tension forces are 
introduced to the concrete by slab bars by means of bond. Thereby a bar force 
is gradually reduced from T = T at the eastern edge of the panel to T = 0 
x max x 
at or close to the free western edge. Similar bond forces must be introduced 
to the concrete strut by bars placed in the north-south direction. The 
accumulation of the diagonal compression forces from points such as A and B 
results then in diajgonal compression forces at the southern edge of the 
panel, as proposed in Fig.7.5(b). It will be appreciated that the inclination 
of diagonal struts will restrict the plan area of the panel over which (bond) 
forces can be introduced to the concrete and transferred to the west beam. 
The components of the diagonal force D, 
Fig.7.5(b)~ 
i.e. C and ET are also shown in y X 
The model in Fig.7.5(b) · does not consider the compatibility of 
deformations. It does suggest, however, 
force T is situated away from the column, X 
that the further a bar carrying a 
the longer is the load path to the 
joint. All else being equal, for similar strains a longer load path is 
associated with larger total deformations. Hence one may conclude that the 
shorter the load path, the stiffer the associated mechanism will be. In the 
elastic range of reponse this means that the intensity of the tensile forces 
T should diminish with the distance from the column. The corollary to this X 
principle, when related to the inelastic state, is that with longer load paths 
strains will reduce. Hence at large imposed ductilities, slab bars close to 
the column may well enter strain hardening, while those situated near the free 
edge of the slab may be subjected to only moderate inelastic strains. 
Observed strains reported in previous chapters suggest that in general, at 
ductilities of M = 4 or more, the yield strength of such bars was developed 
over the entire width of the flange. 
The slab reinforcement in the y (i.e. N-S) direction takes part in 
sustaining tensile forces in the tension flange T . Its role may be better 
X 
appreciated if another free body, consisting of one half of such a unit as 
shown in Fig.7.6(a) is examined. It models a deep beam. The E-W slab bars are 
assumed to be effectively anchored only in the shaded area of the slab. This 
follows from the previous discussion of Fig.7.5(b). Over the width of the 
column a reactive force C = 2ET needs to be applied. A statically 
X X 
admissible disposition of the internal N-S stress distribution of this deep 
beam is suggested in Fig.7.6(c). 
distribution of horizontal tension 
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The 
flange 
moment pattern, consistent with the 
forces T , is given in Fig.7.6(b) 
X 
(see also Fig.7.5(a)). The moment M 
s 
is resisted by the internal couple 
~y = Cy' as illustrated in Figs.7.5(b) and 7.6(a). This mode of flexural 
resistance suggests that tensile strains in the slab bars placed in the north-
south direction should increase with distance measured from the column. Hence 
across the critical centre section of the model deep beam, internal forces of 
~ 
the kind shown in Fig.7.6(b) are to be expected. 
Figure 7.7 shows typical observed tensile stress patterns along two 
edges of a slab quadrant, derived from strain gauges mounted on slab bars. As 
expected, stresses in both directions increase with the increase of imposed 
ductilities. As the postulated mechanism suggests, stresses in the tension 
flange, f , are maximum close to the centrally positioned column. For SX 
moderate ductilities, tensile stresses become smaller towards the free edge of 
the slab. Stresses in the y direct'ion, on the other hand, reach a maximum at 
the free western edge of the slab and reduce rapidly towards the column. This 
is consistent with the deep beam action modelled in Fig.7.6(a). Consistent 
strain patterns were recorded also by other researchers [40,46]. 
Two important conditions for effective tension flange contribution 
emerge from this discussion : 
(1) In order to develop significant tensile forces in the slab 
reinforcement to increase the flexural strength of a beam, transverse 
slab reinforcement of comparable quantity is also required, unless 
diagonal cracks are absent. 
(2) To enable the transfer of tensile forces which act at the critical 
section of a flange, for instance along the N-S edge shown in 
Fig.7.6(a), to the joint core, slab bars must be effectively anchored 
in ~uch a way that a viable diagonal compression field can develop. 
For this purpose it may be 
when they are anchored in 
shaded in Fig.7.6(a). 
assumed that slab bars are effective only 
a suitable region, such as that shown 
A simple approach to the assessment of the effectiveness of slab bar 
anchorages, considered to be adequate for design purposes, is proposed in 
Fig.7.8. This shows the arrangements of the DlO bars in the top (Fig.7.8(a)) 
and the bottom (Fig.7.8(b)) layers respectively in the northern half of the 
slab of Unit 20-I (Chapter 5). The effective anchorage zone was simply taken 
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Assumed 45° effective 
anchorage line 
Downward load at 
end of north beam 
(a J TOP LAYER SLAB 'BARS 
• Full anchorage I UNIT 2D·II 
\7 Partial anchorage 
Assumed 4SO effe cfive 
anchorage line 
Downward load at 
N/ end of north b.eam 
( b J BOTTOM LAYER SLAB BARS 
Fig.7.8- Simple approach in determination of number of longitudinal 
slab bars effectively anchored 
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as the shaded area bound by two 45" diagonal lines. A comparison of the 
extents of anchorage zones, shown in Figs.7.6 and 7.8, indicates that the 
latter is likely to represent a conservative model. In the model of Fig.7.8 
it may be assumed that any bar, ex~ending past the diagonal by a distance less 
than the customarily code specified development length should be disregarded 
as being effective. A high degree of precision is not likely to be justified 
or possible. This modelling suggests that, depending on its position, a bar 
may develop full, partial or no anchorage from the tension face of the E-W 
beams. The degree of effectieness is indicated by the small triangles. Thus 
counting in Fig.7.8 all the top and bottom bars for this unit, the modelling 
suggests that approximately 70% of the total slab reinforcement (17/24) could 
be mobilized. Beam moments so estimated will be compared with those 
encountered during tests as shown by the levels (c) in Figs.7.19 to 7.21. 
Similar criteria may be imposed on the N-S slab bars which also are 
essential parts of the mechanism shown in Figs.7.5 and 7.6. Their prime role 
is to sustain the bending moments developed in the double cantilever deep beam 
(Fig.7.6(b)). 
There is an exception to the conditions just discussed. When the 
reinforcement content of the flanges is relatively small, shear stresses in 
the slab will also be small, even when the slab bars yield. Shear is then 
transmitted to the E-W beam primarily by shear stresses in the concrete, 
including diagonal tension. Thereby the anchorage of slab bars in the 
immediate vicinity of the N-S transverse beam can be activated. 
7. 3. 2 The Introduction of Flange Forces to Joints of One-Way Frames 
Equilibrium of a beam-column joint assembly requires that beam 
moments developed at a joint are balanced by equal and opposite moments 
generated in the columns. By necessity these moments, consisting of force 
couples, must be coplanar. However, flange forces discussed in the preceding 
sections are not generated in the plane of the frame. As the model of Fig.7.5 
suggests, flange forces must be transferred by shear stresses or diagonal 
compression stresses within the slab to the stem of the beam and thereafter to 
the joint core. The mechanisms of transmission of these forces in one-way 
frames are discussed in further detail in the following sub-sections, again 
using an isolated interior beam-column-slab joint assembly as model. As the 
inelastic response of ductile frames is of prime importance in seismic design, 
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the model shown in Fig.7.5(b) is considered dominant. 
(a) Flange action in one-way slabs 
The tensile flange forces, shown as T in Figs.7.5 or 7.6 in slabs of 
X 
one-way frames, can develop only if the slab bars are adequately anchored in 
another adjacent free body. This suggests that a diagonal compression field 
'1 
of the type shown in Fig.7.8 may be used to model, at least qualitatively, the 
flange behaviour. In this it is assumed that slab bars are anchored beyond 
the first diagonal cracks (see Fig.7.6(a)). Fig.7.9 shows a beam-column-slab 
assembly with one half of the slab not shown for the sake of clarity. The 
diagonal membrane forces in the slab depict the orientation of the compression 
field. Hence a shear flow (force per unit length) is introduced to each side 
VJ~~d· 
of the stem of the beam, the sum of which is ET . This should be equal to the 
A X 
shear transferred from the slab by concrete stresses (Fig.7.5(a)). This shear 
flow enters the stem approximately at the level of the flexural tension 
reinforcement. The application of a force ~ at the west end of the beam 
enables the accumulation of the shear flow to be transferred to the flexural 
compression zone at the bottom of the west beam section by means of diagonal 
compression, this being part of the truss mechanism in the web. As Fig.7.6 
shows the compression force at the column face is C 
X 
2ET . 
X 
A similar shear flow is introduced to the beam at the east side of 
the column. As this shear flow enters the east beam stem in the flexural 
compression zone, its contribution to the enhancement of the flexural strength 
of the east beam is negligible. The development of membrane tensile forces in 
the east "compression" slab panel has been justified and shown necessary in 
Section 7.2.2 and Figs. 7.3 and 7.4. The resultant compression in the top of 
the east beam at the column face is denoted also as C . This implies that the 
X 
flange actions in the east and west slabs of Fig.7.8 are symmetrical and that 
no shear forces are introduced to the joint along the north or south face of 
the column. 
It is thus seen in Fig.7.10 that the moment introduced to the column 
via the joint, as a result of slab participation alone, is zC , where z is the 
X 
assumed internal moment arm. The flexural strength of the west beam is 
therefore increased by the 
face. On the other hand, 
total moment 
the flexural 
increment zC 
X 
strength of the 
2zET at the column 
X 
east beam remains 
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Sh.eor flow 
Fig.7.9- Transfer of flange membrane forces in one-way slabs 
to beams and columns 
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Fig.7.10- The introduction of slab tensile forces to the joint core 
of a one-way beam-column assembly 
E 
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largely unaffected. However, without the introduction of the compression 
force C at the east face of the column, strength enhancement due to slab 
X 
participation is not possible. 
(b) Introduction of flange forces to joint core 
The enhancement of the strength of a beam-column assembly from flange 
contributions may be derived in terms of the column shear forces using 
Fig.7.10 which summarises the actions discussed in sub-section (a). It can be 
seen that any horizontal shear forces 
diagonal compression (Fig.7.9) directly 
the strength enhancement of the unit. 
H that may be introduced through 
X 
to the joint will not contribute to 
before, accepting that C 2~ 
X X at 
With the approximation as discussed 
both faces of the column, the moment 
equilibrium with respect to the centre of the joint assembly (Fig.7.10) is 
6V l co 
2z~ + O.Sh ~ - 6V 12 = 0 X C CO C 
2z~ , the increase of column shear is 
X 
( 2z~ + 0.5 h ~ )12 X C C 2 E T 2 X 
c 
(7. 2) 
where 2 , 22' and h are lengths indicated in Fig.7.10. Consequently the c c 
increase in horizontal joint shear force will be 
(7. 3) 
Further discussion of the effect of this joint shear is presented in Section 
7.3.3(c). 
7.3.3 The Introduction of Flange Forces to Joints of Two-Way Frames 
The mobilization of membrane forces in tension flanges of two-way 
frames was explained in Section 7.3.1 with the aid of Figs.7.5, 7.6 and 7.7. 
Having considered the mechanisms of 
frames in Section 7.3.2, this 
transmission of flange forces in one-way 
section considers additional parameters 
necessary for considering the response of two-way frames. 
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(a) The role of transverse beams 
It may be argued that the contribution of transverse beams, such as 
the north-south beam in Fig.7.5(a), to the enhancement of the strength of an 
I . 
assembly may be significant. .therefore the probable role of transverse beams 
is also qualitatively examined. 
Figure 7.ll(a) shows horizontal forces which could possibly be 
introduced by adjacent slabs to a transverse beam. On the left hand (tension) 
side of the beam the same slab forces (T) are shown as those in Fig.7.5(a). X 
On the other (compression) side of the transverse beam, similar tension (T') 
X 
or compression (C') forces may 
X 
be introduced. The net horizontal forces• 
~ = T - T' or ~ = T + C' X X X X X x' acting on a model cantilever beam, are 
suggested in Fig.7.ll(b). It is reasoned that these forces cannot be very 
large. Because the very large she~r force 
sustained, the slab on the compression side 
V shown in Fig.7.4(b) cannot be 
s 
of the transverse beam, though 
theoretically a compression flange, cannot in general resist compression 
forces. An exception, to be discussed in sub-section (d) to follow, is the 
region very close to the column. Thus the net forces ~ , applied to the 
X 
transverse beam, originate 
within this beam, if any. 
mainly 
Thereby 
from partial anchorage of the slab bars 
the tension in a slab bar at one side of 
the beam is reduced from T to T' at the opposite side. A model cantilever 
X X 
beam (Fig.7.11(b)) under these conditions would then be subjected to bending 
moments Mbz about the vertical (weak) axis of the beam section, and to shear 
forces V. The magnitudes are shown qualitatively in Figs.7.11(d) and (c) X 
respectively. The deflected shape of the beam would be as seen in 
Fig.7.ll(e). By considering compatibility of horizontal deformations in 
adjoining slab quadrants such as the one shown in Fig.7.5(a), and of the beam 
which has much larger flexibility (Fig.7.11(e)), it is likely that the beam 
could resist only negligible forces with the exception of locations very close 
to the column. It was reported in Chapter 5 that horizontal tip displacements 
of transverse beams during the largest imposed ductilities did not exceed 2 to 
3 mm. Displacements Ax of this order could not generate significant 
resistance in the beam (Fig.ll(e)). 
The transverse beam is likely to swing horizontally about a pivot 
near the face of the column, the movement being to a larger degree affected by 
the deformations of the adjacent slab quadrants on the compression side, 
(a) Horizontal forces 
applied to a 
fro nsverse beam 
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(b) Net forces (c) Shear 
on the forces 
beam model 
(d)Bending (e)Beam 
moments deflections 
Fig.7.11 -A transverse beam subjected to hypothetical forces in the plane of 
the floor slab of a beam-column assembly 
Top of 
7i 
• 
slab & beam 
(b) 
(c J 
Fig.7.12 - Forces introduced to an interior column by flanged beams of a 
two-way assembly 
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without offering resistance of any significance. This was found to be 
particularly evident at edge beams 
beam of Figs.7.5 and 7.11 will be 
(Chapter 6). Softening of the transverse 
accelerated when inelastic deformations, 
associated with formation of plastic hinges, are imposed by seismic actions in 
the north-south direction. No attempt is made here to assess the role of the 
transverse beams in a fully elastic structure. 
(b) The role of a "compression" flange 
From the examination of the role of transverse beams, it may be 
concluded that for the purposes of assessment of the strength enhancement of 
the longitudinal beams, especially when large displacement ductilities ~ are 
attained, the transverse beams' contribution can be neglected in design 
computations. This assumption implies that the "compression" slab, located to 
the east of the N-S beam in Fig.7.6, is required to absorb all the tension 
forces, 2BI' . This requires the development in the "compression" slab of a 
X 
diagonal compression field similar to the one for one-way slabs shown in 
Fig.7.9. With this simplification the mechanism in all four quadrants of an 
isolated unit is the same as that shown in Fig.7.5(b). It should be 
appreciated that tension flange contribution based on equilibrium criteria 
implied by Fig.7.5(a) can always be developed, as long as slab bars carrying 
the force T are adequately anchored in the east beyond the N-S tension edge 
X 
of the slab quadrant. This anchorage can be more efficiently developed in the 
opposite and rather stiff east "compression" flange than in the relatively 
flexible transverse N-S beam. 
While the assumption of neglecting the contribution of the transverse 
beam may be questioned, it should be noted that it does not affect equilibrium 
criteria and that the assumption does not influence the magnitude of strength 
enhancement in the beam-column joint assembly by flange actions. The 
assumption made above simply implies that in this modelling, the relatively 
small contributions of the transverse beam to strength enhancement are 
assigned to the slab on the compression side of the transverse beam. 
(c) Introduction of flange forces to joint core 
Using the simple models presented in previous sections, the strength 
enhancement of a beam-column joint assembly due to the contribution of tension 
flanges, simulating a two-way frame under earthquake-type lateral forces, may 
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be readily quantified in the same way as was done in Section 7.3.2 and 
Fig.7.10 for one-way frames. The estimate of strength enhancement may also be 
achieved with a conventional flexural analysis of the affected beam section. 
The former however enables a better visualization of the mode of additional 
force transfer to the joint due to 
Fig.7.10 is elaborated in Fig.7.12 
acting at the faces of an interior 
flange actions. The approach used in 
showing familiar internal beam forces 
column, which are generated by clockwise 
moments in the frame. The tension forces T1 and T2 in Fig.7.12(a) are based 
only on the flexural reinforcement within the stems of the beam section. Thus 
T1 does not include any reinforcement in the tension flange. The ideal 
flexural strengths of these left and right beam sections without flanges are 
M1 = T1z1 and M2 = T2z2 respectively, where z1 and z2 are the appropriate 
internal lever arms. In accordance with the previously described model 
(Fig.7.6) the total slab forces generated are 
eccentric axial compression, applied to each of 
illustrated in Fig.7.12(b). 
c 
X 
= 2m' . 
X 
They represent 
the two beam sections as 
It was concluded in Fig.7.10 that an additional anticlockwise moment 
2M ~ zC can be applied at the left-hand beam section. 
X 
This represents the 
strength enhancement of the beam on the 
the tension flanges. As indicated in 
left due to the contribution C from 
X 
Figs.7.12(a) and (b), the internal 
forces introduced by the left-hand rectangular beam section to the column are 
thus: T1 in tension at top and c1 + ex 
The total moment of resistance of the beam 
= T1 + ex in compression at bottom. 
to the left of the column is M* 1 = 
M1 + &1, as has been derived in Section 7.3.2(b). 
Forces developed in beam flanges, e ' X are introduced to the joint 
This is shown in Fig.?. 13 core primarily by concrete compression stresses. 
for an idealised model. With the moment increment DM ~ ze in traduced to the 
X 
joint, corresponding increases of the column and beam shear forces are :::..v and 
c 
~Vb respectively. It is seen that as a result of flange contribution no extra 
horizontal steel forces and corresponding bond forces are introduced to the 
joint core. It is thus 
from the beam, ex' with 
possible to combine the horizontal compression forces 
corresponding vertical compression force increments 
from the column, namely !:£' and t£ 11 • 
c c 
capable of transmitting the entire 
due to flange contributions alone 
The diagonal strut so formed should be 
horizontal and vertical joint shear force 
without the aid of any additional joint 
shear reinforcement. Unless the total calculated joint shear stress is very 
close to the maximum considered by codes to be acceptable, the additional 
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l 
Fig.7.13 -Joint mechanism mobilised to resist additional forces originating 
from tension flanges 
Lengthened fop 
f1bres including 
yielding in the 
plastic hinge 
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I 
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~L~-~-----i~V~~-~~~~~-J~ 
Deformed 
boundaries 
Fig.7.14 - Flange deformations due to lateral forces acting on a two-way 
beam-column assembly in the east-west direction only 
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diagonal compression force, modelled by 
be readily accommodated in the joint 
magnitudes of the enhanced shear forces 
can be made using Eqs.(7.2) and (7.3). 
the diagonal strut in Fig.7.13, will 
core. An estimate of the relative 
across the column (i.e. joint core) 
Noting that the main variable ET 
X 
depends on the amount of effective 
these enhanced forces should not 
slab reinforcement placed, it follows that 
be significant in ordinary slabs. With 
capacity design of ductile frames, columns are expected to remain elastic. 
Therefore the increase in bond forces along column bars, introduced by 
additional forces (ill'+ t£") or (ill" + L:C'), are not likely to be critical 
c c 
and thus should not require further attention in design. 
(d) Membrane distortions 
Distortions of the flanges which are compatible with the membrane 
actions postulated in previous sections are illustrated, by necessity with 
some exaggeration, in Fig~7.14 for a two-way assembly. Inelastic deformations 
in both the west beam and slab panels, originating from yielding of the beam 
and slab bars, are idealized as being concentrated in the shaded strip. These 
inelastic deformations represent the major source of the elongation of the top 
fibres of the west beam. Distortions of the west slab panels, acting as two 
deep beams (as seen in Fig.7.6) are assumed to be approximately symmetrical 
about the E-W centre-line and are indicated by the shear strain e . As the 
s 
nor~h-south transverse beams are assumed to offer no resistance to the E-W 
seismic forces, as discussed in sub-sections (a) and (b), their deformations 
must be controlled by those of the slab panels. Fig.7.14 implies that these 
transverse beams should follow the movements of the east "compression" slab 
panels. When only flange actions are considered, the east slab panels are 
subjected to the same tension forces as those in the west slab (Fig. 7.12(b)). 
The shear deformation of the east panels, as indicated by 8', should therefore 
s 
be of the same order of magnitude as e . 
s 
A review of the postulated mechanisms (Figs.7.9 and 7.12(a) and (b)) 
suggests that in simplified ideal conditions, the only physical contact 
between the column and the east slab panels is at the beam-column interface. 
Full width cracks should form between the east slabs and the north-south 
transverse beams when flange tensile forces develop in the slab bars. A more 
realistic form of force distribution in flanged beams in the slab plane is 
presented in Fig.7.12(c). There T1 includes some tension forces from 
longitudinal slab bars which are close to the stem of the west beam. These 
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slab bars are subjected to compression at the east side. The resulting shear 
(Fig.7.4(b)) can be sustained in these regions especially in the presence of 
transverse beams. The simple 45° distribution in Fig.7.12(c) suggests that 
the total participating slab width should be of the order of 3b or less, 
c 
where b is the column width. Compression forces, 
c 
may be effectively transmitted within this width. 
c2 and ex' at the west side 
The total resistance of the 
assembly, when expressed in terms of flexural moments, is the sum T1z1 + T2z2 
+ Cxz. It is evident that in this model T1 (and hence z1), z2 and ex (and 
hence z) cannot be accurately and separately calculated due to the uncertainty 
in determining the effective participating width. Hence in subsequent 
sections, compromises are made for developing design recommendations. 
7.3.4 Slab Contributions to Beam Strengths Under Bi-directional 
Displacements of Two-Way Frames 
The discussion in the previous sections emphasized (Figs.7.5 to 7.7) 
that lateral forces applied to a space frame in a given direction will 
generate tensile forces in slabs, acting as flanges, in both orthogonal 
directions. It follows then that there will be a greater increase of tensile 
forces in elastic slab bars under a bi-directional (skew) seismic attack. 
When the response in both principal axes of a framing system x and y, 
is moderate (M~l), a superposition of elastic actions may be possible. This 
is explained in Fig.7.15. The tensile stresses in the slab bars in the x 
direction, f , are those due to frame displacement in the same x direction. 
XX 
They are similar to those observed (Chapter 5) at a ductility of M=l, and 
referred to as f in Fig.7.7. The stresses in the x direction due to frame 
sx 
displacement in they direction, with M=l, are shown 
These are similar to stresses shown as f in Fig.7.7. 
sy 
as f in Fig.7.15. 
xy 
The superposition of 
the stresses in the X direction due to simultaneous frame displacements in 
both principal directions, f = f + f , is seen in Fig.7.15 to lead in this 
S XX xy 
particular example to nearly uniform stresses close to yield intensity. The 
example of Fig.7.15 suggests that : 
(1) A superposition of slab actions due to bi-directional displacements 
of a symmetrical assembly of the type studied in this project, to 
evaluate the enhancement of beam strength in a particular direction, 
is admissible provided that no more than approximately 50% of the 
tensile capacity of the effective reinforcement in the full slab 
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Fig.7.15- Superposition of flange tension forces during moderate 
bi-directional seismic actions 
Fig.7.16 -Actions due to tension flange participation at an exterior 
beam-column assembly 
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width is taken into account for this purpose. 
(2) At displacements corresponding with a ductility of M=2 or larger in 
any direction, it is likely that the yield strength of a significant 
number of slab bars in the direction of attack (see f in Fig.7.7) 
sx 
will be developed. Thus a superposition of slab bar contributions, 
due to displacements in each of the two directions, is no longer 
admissible. Magnitudes of displacement ductilities as used here 
refer to frames which satisfy drift criteria in the elastic range of 
response, when storey drift does not exceed 0.25% of the storey 
height when approximately 75% of the lateral design forces are 
applied to the frame (see Section 1.3.2). 
(3) At large ductilities, i.e. M~4, yielding of slab bars over the full 
width of the flanges may be expected. At this stage it may well be 
sufficiently accurate to assume that, 
reinforced slabs of the type used in 
total tensile capacity of a flange 
flexural strength of a beam in one 
for example in symmetrically 
these tests, only 50% of the 
is utilized to enhance the· 
of the directions, while the 
remaining 50% of the tensile capacity contributes to the "deep beam 
action" illustrated in Fig.7.6. Thereby the flexural strength of the 
beam in the other direction is similarly enhanced by 50% of the 
effective slab reinforcement. 
(4) During uni-directional seismic attacks, at medium to large 
ductilities, the maximum enhanced strength of a beam may be 
developed. However, the strength enhancement of the same beam due to 
tension flange contribution must immediately reduce when frame 
displacements occur in the orthogonal direction. This means that the 
maximum increase in flexural strengths in the orthogonal beams due to 
tensile flange contributions cannot be developed simultaneously. The 
phenomenon was consistently observed in tests. 
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7.4 SLAB CONTRIBUTIONS AT EXTERIOR JOINTS 
7.4.1 Equilibrium Considerations 
This section examines the possible mechanisms which are associated 
I 
with a floor slab when acting as a tension flange at an exterior joint. the 
structure is that shown in Fig.7.16. Only slab interaction with the west beam 
is discussed. For seismic forces in the y (north-south) direction, the 
behaviour of the north edge (spandrel) beam with a flange on one side only may 
be considered to be similar to that of interior beams examined in previous 
sections. 
Actions only due to slab participation as tension flange, to sustain 
a beam tip load~' are given in Fig.7.16. To study the modes of resistance, 
two free bodies (Figs.l6(a) and (b)) are studied. Only those internal forces 
which are considered to be important are shown at the interfaces where the 
structure has been separated into these free bodies, i.e. the edge beam with 
the column and the remainder of the assembly. These are in-plane (membrane) 
tension forces T and moments rnA' in the slab. Vertical shear force and 
xe 
torsional moments at the slab interfaces have been neglected. Further it is 
proposed that, for the purpose of estimating the magnitude of the force 
increment 6P, when significant ductility demands exist, the slab moments rnA 
may also be neglected. A justification for this was presented in Section 7.2 
(Figs.7.1 and 7.2). Thus the important component of the exterior beam's 
strength enhancement (~), because of tension flange action, is assumed to be 
due to in-plane tension forces in the slab only. 
The membrane forces T 
xe 
shown in Fig.7.16 will generate shear forces 
and bending moments in each of the two free bodies. The free body shown in 
Fig.7.16(a) is similar to one quadrant of an interior slab panel, the 
contribution of which to flange action has been examined in Section 7.3 (Figs. 
7.5 and 7.6). The basic components of the flange mechanism, as suggested in 
Fig.7.16(a), are steel tension forces in both the x andy directions and 
corresponding diagonal concrete compression forces. 
Figure 7.16(b) implies that the bending moments, shear forces and 
torsion, generated by the slab actions T and rnA' are to be resisted solely by 
xe 
the edge beam. These are similar to those shown in Fig.7.11. The slab 
moments rnA induced by the load ~ are considered necessary from the 
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requirement of compatibility of slab rotations rather than equilibrium. They 
may be ignored. As for torsion, it is known that torsional stiffness of an 
edge beam after the onset of diagonal cracking is typically 5% of that before 
cracking [66]. The small torsional resistance that may exist can be sustained 
because reinforced concrete beams are extremely ductile in torsion. Therefore 
an apparent torsional failure, i.e. large twist, need not significantly affect 
the strength of an edge beam to resist membrane forces T introduced by the 
xe 
slab. Hence reliance on torsional resistance, shown as Mty in Fig.7.16(b), is 
not necessary. While diagonal cracks, consistent with significant measured 
twisting of such beams have been observed in the tests (see Chapter 6), no 
distress due to torsion has been observed. Other tests [44, 45] reported more 
extensive torsional cracking in the edge beams and emphasized yielding of 
these beams by torsion. However, there was no direct evidence of any loss of 
load-carrying capacity of the test assemblies being attributed to torsional 
effects. Membrane tensile forces of slab bars were consistently noted. 
7.4.2 Strength Considerations 
Forces introduced to the edge 
forces V , and bending moments M , 
x ez 
as 
may prefer to consider the horizontal 
beam by slab bars will generate shear 
shown in Fig.7.16(b). Some designers 
shear, V , to act with an eccentricity 
X 
with respect to the shear centre of the beam section. This would then lead to 
torsion. As torsional resistance is ignored, the horizontal force V must be 
X 
resisted at the level of the slab. 
While it might be possible to resist in the edge beam the shear 
forces V , and the bending moments M , it is doubtful whether, on account of 
x ez 
its flexibility, efficient beam mechanism could develop. Equilibrium requires 
that shear forces and moments of exactly the same magnitudes but with opposite 
sense, should develop in the adjacent free body shown in Fig.7.16(a). 
It is evident that the pattern of moments M for both free bodies in 
ez 
Fig.7.16 is similar to that shown in Fig.7.6(b). Maximum moments which could 
be developed about the vertical axis of the critical edge beam section 
(Fig.7.16(b)) will depend on the beam stiffness and ultimately on the amount 
of the longitudinal reinforcement near the outer vertical face of the beam. 
Observed relative deformations of the slab and the edge beam (see Chapter 6) 
were similar to those shown for the west slab and the transverse beam in 
Fig.7.14. When, as a result of earthquake forces acting also in the N-S 
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direction causing plastic hinges to develop in the edge beam, this beam's 
contribution to sustaining the force~ (Fig.7.16) at the end of the west beam 
of the assembly is likely to be negligible. Also using this approach, it 
follows that in the absence of edge beams in exterior joint assembly, the 
enhanced strength, as represented by the development of tensile forces T or 
xe 
downward trip force ~~ is further reduced. The effect of the horizontal 
flexural strength of an edge (transverse) beam on the development of membrane 
forces can be verified from other test results [44,45]. 
The main points of the above discussions are summarised as follows 
(1) In view of its flexibility when compared to slab panels, the edge 
beam system is likely to transfer slab bar forces which are smaller 
than those at interior beam-column joints. This means that tensile 
forces T are particularly reduced at locations further away from 
xe 
(2) 
the column. 
In transferring the shear V and moment 
X 
north column face (Fig.7.16(b)), it 
M in the edge beam to the 
ez 
is necessary to develop a 
horizontal truss mechanism in the plane of the slab. The slab bars, 
when anchored in the edge beam by means of hooks, are likely to be 
involved in the mechanism. It follows then that the membrane forces 
T would be reduced. 
xe 
(3) Strength enhancement, shown as ~ in Fig.7.16, requires also the 
development of tensile forces in the north-south slab bars. The 
contribution of this slab reinforcement to the development of 
membrane forces T will be reduced under simultaneous seismic 
xe 
actions in the N-S direction. 
7.4.3 The Introduction of Flange Forces to Joints 
The (tension) flange forces developed in the west slab (Fig.7.16(a)) 
are transferred to the column and joint at the bottom of the east beam by the 
mechanism as explained in Section 7.3 for interior joint assembly. This 
res~lts in a strength enhancement represented by the additional downward force 
~. For the reasons discussed in the last two sections, this enhancement 
should be less significant than that occurring in interior joint assemblies. 
Nevertheless this additional force induces shear across the joint. It was 
285 
stated in Section 2.3.1 while reviewing joint shear resisting mechanisms that 
the conditions in a properly detailed exterior joint are less critical. the 
reaction force is provided by the end hooks of the main beam bars. Therefore 
it can be appreciated that this additional joint shear arising from flange 
mechanism in exterior joint assembly can be accommodated easily. 
7.5 FLANGE CONTRIBUTIONS IN CONTINUOUS BEAMS 
The applicability of the postulated mechanisms of flange 
contributions to strength enhancement in isolated subunits, such as the three 
tested in this project, is briefly reexamined in the context of continuous 
beams and shown in Fig.7.17. To this end a slightly different approach is 
used. 
It is well established that after cracking reinforced concrete beams 
subjected to seismic forces will become longer. The lengthening of beams in 
isolated statically determinate beam-column assemblies measured during the 
imposition of progressive ductilities has been reported in previous chapters. 
It is evident that when plastic hinges have devleoped, normally at each end of 
a span of a multi-span frame, and continuing significant displacement 
ductility is imposed in a storey, beam elongations are far from being 
negligible. In an idealized form, considering each beam as an incompressible 
rigid body, these elongations are shown in exaggeration in Fig.7.17(b). The 
model suggests that beam and slab elongations will be proportional to the 
depth of the beams. These elongations are compatible with the deformations 
associated with the flange mechanisms discussed in earlier sections. 
Fig.7.17(a) suggests the "strut and tie" mechanisms of force transfer acting 
in the plane of the floor slabs of the example frame of Fig.7.17(b). 
The introduction of 
compression forces C , occurs 
X 
tension flange forces to beams, resulting in 
principally in the outer (edge) slab panels 
(i.e. A-8 and D-E in Fig.7.17) by means of a diagonal compression field. Tie 
forces are provided by the slab bars. The actions are the same as those 
previously described for isolated test assemblies. 
As for flange actions in the interior panels B-C and C-D, provided 
that the effective slab reinforcement is the same throughout the interior 
panels and is thus capable of developing a tensile force BT on either side of 
:X 
., 
II 
'I 
'I 
I 
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(a) 
(b) 
Fig.7.17 -Flange mechanisms in continuous beams 
the continuous beams, 
spans remain constant. 
flanges and the stem of 
Consequently transverse 
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compression in the beams, 
There is negligible 
the beams along the 
cracks consistent only 
flange, are to be expected (see Fig.7.17(a~ 
c = 2m' 
x' X 
in the interior 
or no shear transfer between 
interior spans (B, c and D). 
with axial tension in the 
The complete "strut and tie" 
mechanism. for such a case is illustrated in Fig.7.17(a). It is seen that 
flanges (slab panels) of interior beams act as ties, while the stems of beams 
function as struts. The weak links of the mechanisms may be assumed to be the 
ties. 
While all slab panels must elongate, those at the edges of the 
building will also be subjected to shear deformations. This results in non-
uniform tensile strain distribution across the flange with maximum strains 
close to the longitudinal beams. The resulting horizontal deflections of the 
edge beams at grids A and E are indicated by dotted lines in Fig.7.17(a). 
Where slab reinforcement is anchored, as in the edge floor panels, in-plane 
shear forces are generated and these may lead to diagonal cracking in those 
panels. Diagonal compression fields are mobilised to transfer compression 
forces C to the exterior column. 
xe 
In summary there are two independent truss mechanisms, each being in 
equilibrium. The force transfer around the interior columns (B, C and D) 
depends on the continuous slab reinforcement developing the forces m' . The 
X 
contribution of the other mechanism around the exterior column E depends on 
the amount of slab reinforcement anchored in the edge transverse beams and the 
strengths of these beams to transmit the distributed forces Br to the column 
xe 
by bending and shear. Strength enhancement at each column results from 
compression forces C or C being applied to these columns at the point of 
x xe 
contact with the beams, i.e. in the flexural compression zones, as shown in 
Fig.7.17(b). The mechanism of force transfer in theA-Band D-E exterior 
beams near columns B, D and E, is the same as in isolated assemblies studied 
in the previous sections. The model in Fig.7.17 suggests that interior 
transverse beams have no role in enhancing the strength of flanged 
longitudinal beams. 
In a floor system consisting of two-way slabs, in general edge panels 
must provide the anchorage of slab reinforcement. Hence they are subjected to 
in-plane shear. Instead of being double cantilevers, as modelled in Fig.7.6, 
edge panels will act as one continuous deep beam. 
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The above discussions illustrated the likely strength enhancement in 
a continuous frame due to tension flange actions, based on the assumptions of 
constant effective slab reinforcement. In realistic prototype construction, 
slab bars are usually curtailed. Also top reinforcement can be omitted at the 
centre of slab panels. In this case some shear and hence cracking may also 
develop in the interior panels. 
After diagonal cracking has formed in the edge panels, longitudinal 
ties forces ET and ET require the development of forces with comparable 
x xe 
magntidues also in the (short) transverse ties. When earthquake induced 
actions are generated simultaneously also in the direction transverse to the 
frame in Fig.7.17, beam and slab elongations in that direction will introduce 
additional tensile forces to the (short) transverse ties. Hence their 
contribution to the mechanisms shown in Fig.7.17(a) will be reduced. Once 
again it may be concluded that as in the case of isolated units, the full 
contribution of slab reinforcement to strength enhancement in both orthogonal 
directions under skew earthquake attack cannot be mobilized simultaneously. 
7.6 COMPARISON OF THEORETICAL AND OBSERVED SLAB CONTRIBUTIONS TO STRENGTH 
ENHANCEMENT OF BEAMS 
7. 6. 1 Bases of Comparison 
The theoret/ical flexural strengths of beam sections at the column 
faces of the three test units (Chapters 4 to 6) are compared with the bending 
moments which were developed at the same sections at various stages of the 
tests. Only negative moments, imposing tension on the top beam bars and on 
the flange are considered here. The comparisons are presented in Figs.7.18 to 
1.21 using block diagrams. Also shown in the figures are the flexural 
strengths (R) based on design recommendations given in Section 7.7. 
I 
At the left-hand side of Figs. 7.1~ to 7.21, magnitudes of observed 
beam moments, derived from measured downward acting forces applied at beam 
tips, are plotted separately for uni-directional and bi-directional loading 
patterns used in the tests. Results for uni-directional results are presented 
in Fig.7.19 because Unit lD-I simulated one-way frame. The cross-shaded area 
in each figure represents the range of moments observed when yielding of the 
top reinforcement was recorded. Low values of flexural strength were measured 
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at a displacement ductility of ~ = 2 or at 0.9% drift (~=3 for Unit 20-E) 
while the maxima corresponded with ~=4 (at approximately 2% drift) or even 
larger ductilities. The displacements at which maximum and minimum beam 
strengths were attained may be readily identified in the relevant hysteretic 
response curves discussed in previous chapters. It should be noted that at 
large ductilities towards the end of the tests, even smaller moments were 
sometimes observed due to general deterioration of the units. Those smaller 
moments were not considered in the assessment of slab contribution. 
Theoretical strength predictions are presented for two levels of 
steel stresses in the right-hand columns of the figures. One set of values is 
based on the experimentally established yield strength f of the tension y 
reinforcement. The other set of moments, based on 1.18 f or 1.15f is y y 
indicative of the order of flexural overstrength due to strain hardening only, 
which would normally be allowed for when using capacity design procedures. 
Four bench mark value for theoretical negative moments are used in this 
comparison. Each level of theoretical flexural strength, labelled (a) to (d), 
was based on a specific amount of assumed effective flexural tension 
reinforcement, the estimation of which was made as follows : 
(a) Only the top bars within the web width of the beam sections were 
considered. The ideal flexural strength of this section M. b' with f = f , 1,we s y 
was used as the reference value to enable the magnitudes of strength 
enhancements, resulting from the contribution of different amounts of tension 
reinforcement, to be normalized. 
(b) The contribution of slab bars, placed within an effective tension 
flange width proposed by NZS 3101 [4] as illustrated in Fig.3.6, was included. 
This additional tributary flange area, labelled (b), is shown in an inset in 
each figure. This was referred to as M. in previous chapters. 
1 
(c) The contribution to flexural tension of all "effective" slab bars 
over the entire width of the flange was considered. The effectiveness of each 
curtailed top or bottom bar in the tension flange was based on the location of 
its anchorage, using the model of Fig.7.8 recommended in Section 7.7.2. Only 
those bars which terminated in the shaded area of the panel in Fig.7.8 were 
taken into account. 
(d) The theoretical upper limit of tension flange contribution was based 
on the participation of all slab bars in the entire width of the slab 
irrespective of their locations or lengths. This was referred to as M* in 
1 
previous chapters. 
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It should be appreciated that in these tests it was not possible to 
account precisely and separately for the two principal sources of beam 
strength enhancement, namely the strain hardening of the steel and the 
fraction of the total slab reinforcement which might have been effective in 
tension. 
When comparisons are made with similar tests in other countries, it 
should be noted that the arrangement of the top and bottom slab reinforcement 
in the panels of the two-way slabs of the test units reported here were 
attempting to simulate realistic conditions, and hence bars were curtailed in 
both directions as in prototype construction. 
reinforcement carried over the full length and 
isolated subassemblages and continuous floor 
It is considered that slab 
width of slab panels, in both 
systems as used in many other 
tests, should result in greater beam strength enhancement. 
7.6.2 Results of Comparison 
(A) Unit 1D-I The block diagrams 
strengths developed during the test varied 
strength Mi b' which did not include 
,we 
presented in Fig.7.18 show that 
between 115 and 155% of the ideal 
contributions from the flanges. 
Special features of this unit, to be noted when a comparison is made with 
strength enhancements in other units, are : 
(i) The amount of longitudinal slab reinforcement being~ = 0.224% to 
s 
satisfy code requirements for shrinkage and temperature effects only, was 
relatively small. The theoretical contribution of all these slab bars 
parallel with the beam, with f f would amount to only 36% strength 
s y 
enhancement (M~ = 1.35Mi b). 
1 ,we 
(ii) The effective width of the tension flange, to be considered according 
to NZS 3101 [4], is rather small. It would account for only 8% of strength 
enhancement. The reduction of effective slab width in NZS 3101, in comparison 
with those recommended for two-way frames, was based at the drafting of this 
code on the assumption that the absence of a transverse beam is likely to 
reduce the effectiveness of a flange. The level in Fig.7.18, relevant to this 
case is marked with the letter (b). 
(iii) All slab bars extended over the entire slab, hence full anchorage was 
provided for all bars. Case (c), described in Section 7.6.1, is not 
applicable to this unit. 
(iv) Only uni-directional loading was applied in this test in the east-
west direction. 
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A comparison of information in Fig.7.18 
3101 [4] provisions underestimate minimum slab 
suggests that current NZS 
contribution. It is also 
evident that, because of the full anchorage of slab bars, at large ductilities 
the entire slab reinforcement contributed to strength enhancement and most of 
these bars were subjected also to some strain hardening. As relatively few 
large cracks developed across the slab (Chapter 4), the effects of tension 
stiffening were likely to be considerable. Across these large cracks strain 
hardening would have accounted for larger steel stresses than the assumed 
value of 1.18 f . y 
(B) Unit 20-I Comparison for the east and west beams of this unit can 
be seen in Fig.7.19. Results for the north and south beams were very similar 
with maximum values being 2 to 3% larger than those shown in Fig.7.19. On the 
other hand the observed minimum strength of these beams at ~ = 2 was 2 to 3% 
smaller than those for the east and west beams. 
Observed flexural strengths under uni-directional loading were in the 
range of 130 to 163% of that based on the beam sections without any slab 
contributions (case (a) in Fig.7.19). The same measured limits corresponded 
to 100 to 127% of those used in New Zealand (i.e. case (b)) when no allowance 
for strain hardening is made. Computed flexural overstrengths, based on 
fs = 1.16fy for the same case (b), varied between 93 and 117% of the observed 
values under uni-directional loading patterns. 
during 
during 
partly 
partly 
core, 
For the same imposed displacement ductilities strengths developed 
bi-directional displacements were always 
This is 
less than those attained 
considered to have resulted uni-directional displacements. 
from reduced slab participation, as outlined in Section 7.3.4, and 
from deteriorated anchorage conditions for beam bars within the joint 
where transverse tension due to bi-directional loading ~as also 
introduced. 
Fig.7.19 clearly shows that beam strengths based on the participation 
of all slab bars over the entire flange width, denoted by strength levels (d), 
could not be developed in these tests. The fact that some slab bars close to 
the column would have entered the strain hardening range underscores this 
observation. 
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If a comparison is made with theoretical strength enhancements based 
on the contribution of only those bars which were considered effectively 
anchored, shown by levels (c) in Fig.7.19, it is found that observed uni-
directional strengths varied between 82 and 103% of the theoretical strength 
so predicted. In this comparison it is assumed that f = f . When strain 
s y 
hardening of the tension steel is taken into account, it follows that only a 
fraction of all the effectively anchored slab bars could have made a 
contribution. 
It is worth noting that both the top and bottom slab reinforcement 
contents (0.252% < p < 0.377%) were significantly larger than those provided 
s 
in Unit 10-I. 
(C) Unit 20-E The correlation between theoretical estimates and 
experimentally observed enhancements of the east beam of this unit during uni-
directional loadings, shown in Fig.4.20, is similar to that established for 
the other two test units. NZS 3101 [4] recommendations for effective flange 
width (i.e. case (b)), with steel stress f = f , lead only to 8% strength 
s y 
enhancement with respect to M. b' 1,we This is because the top slab bars, which 
are anchored in the north-south edge beam, are quite widely spaced and the 
the edge beam is considered inadequate. anchorage of the bottom bars within 
Also according to the assumption with respect to development length, implied 
in Fig.7.6, the majority of the short top bars should be disregarded. This 
case, identified with the letter (c), vould suggest a strength enhancement by 
only 11%. These two ratios may be compared with the observed enhancements or 
17% in the fourth cycle to~ ~ 3 (with interstorey drift of 1.04%) and 48% in 
the first cycles to ~ = 3 to 6. The latter results would have included the 
contribution of significant strain hardening. Alternatively the enhancements 
in terms of the measured average strengths are (434 - 322)/322 = 35% at Ji = 3 
and (418 - 322)/322 = 30% at i' = 6 to 8. Four observations emerge from these 
comparisons : 
(i) The effective flange width in tension was considerably larger than 
that estimated by NZS 3101. 
(ii) Strength enhancement due to tension flange action was, as expected, 
less at an exterior joint than that observed at interior joints. 
(iii) Contrary to what was observed at interior joints, strength enhacement 
due to tension flange action at an 
larger ductilities. This trend 
exterior joint did not always increase at 
can be more easily seen in the force-
displacement response curves in Chapter 6. 
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(iv) For a more accurate estimate of the theoretical strength, the bottom 
be included as part of the tension to the column slab bars close 
reinforcement. Test results in 
could 
Chapter 6 showed that these bars underwent 
significant strain changes especially during the early stages of reversed 
loading. 
The reduction of strength enhancement in the east beam during bi-
directional loading history was much more profound than in the case of Unit 
20-I, as can be seen in Fig.7.20. In addition to the values shown, it can be 
derived from the test results in Chapter 6 that the mean bi-directional 
strength developed at M = 3 or 6 was of the order of M. b' which is a 1,we 
significant reduction when compared with the 1.3 M. b overstrength measured 1,we 
under uni-directional loading. This phenomenon is considered to be due to the 
sharing of the contribution of the east-west slab bars to tension flange 
mechanisms in both directions (see Fg.7.15). 
Finally strengths, relevant to the north-south edge beam of Unit 20-E 
are compared in Fig.7.21. Strength enhancements for these beams on the 
average by 23% (uni-directional) and 20% (bi-directional), in terms of the 
reference moments Mi b' were the smallest in comparison with beams of Units 
,we 
10-I and 20-I. Yet these enhancements are comparable to the mean theoretical 
prediction of 20% (obtained from 0.5 (312/264 + 276/227) = 120%) based on NZS 
3101 [4] recommendations referred to by the letter (b) in Fig.7.21. A likely 
reason for the modest observed strength enhancement is the small amount of 
slab reinforcement transverse to those contributing the strength enhancement 
of the north and south beams. Thereby the strength of the mechanisms, shown 
in Fig.7.5, in terms of the forces 
contribution of tension forces in 
T , is limited beacuse of this limited 
X 
dt~ection. T . Under bi-y the orthogonal 
directional loading, slab action in the east direction imposes bending moments 
on the edge beams with respect to the weak axis, as Fig.7.16 suggests. The 
resulting bi-axial bending effect must thus reduce the flexural strength of 
the edge beams with respect to north-south forces. 
7.7 CONCLUSIONS 
The aims within this study of the role 
' seismic response of beam-column assemblies were, 
to quantify contributions to the strength of 
of floor slabs during the 
to identify and if possible 
beams, to attempt to find 
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rational explanations for various features of behaviour, and finally to arrive 
at recommendations with respect to questions recently raised by design 
engineers and researchers. Itemized objectives of this research project, 
relevant to the role of slabs, were listed in Section 7.1. In the following, 
conclusions complementary to the previously stated seven objective are 
presented: 
(1) A number of parameters affect the magnitude of slab participation as 
a tension flange. However, a high degree of accuracy in design to predict 
strength enhancement will not be required unless the amount of the relevant 
reinforcement in the slab, relative to that in the beams, is large. For most 
design situations a simple compromise solution in the estimation of the 
effective width of a tension flange, appears to be adequate. Details of this 
compromise are presented in the design recommendations in the following 
section. 
(2) The tests reported here support theoretical predictions according to 
which the contribution of flanges, when subjected to tension, increases due to 
strain hardening of the flexural tension reinforcement and the spread of 
inelastic strains further from the stem of a beam, as ductility demands 
increase. This suggests that a conservative approach, implying modest 
strength enhancement due to tension flange contributions, may be adopted when 
the dependable strength of a beam, to meet for example moment demands due to 
gravity and earthquake effects, is being determined. On the other hand larger 
flange contributions, and an inclusion of strain hardening phenomena likely to 
be mobilized during large ductility demands, may be considered when the 
flexural overstrength of a beam and consequent moment input in a column is 
being estimated. 
Whether this level of sophistication is warranted in the design, 
depends on the degree of protection which the general seismic design strategy 
intends to assign to columns. If the intended reserve strength of columns is 
to be sufficient to ensure only that a so called ''soft storey" mechanism does 
not develop, implied for example by the requirements of ACI code [5], the 
above two-level strength enhancement approach appears to be justified. 
However, if columns are to be designed so as to reduce the likelihood of 
column plastic hinges being developed at any of the upper levels of a 
multistorey ductile frame, this refinement in the estimate of strength 
enhancement in beams does not appear to be justified. · Current recommendations 
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in New Zealand [4] for the capacity design of such columns appear to be 
conservative enough to accommodate significant variations in probable beam 
strength due to slab participation (see also Eq.(3.1)). 
(3) During elastic response transverse beams at interior columns 
contribute to the complex response of the floor slabs. However, when 
earthquake induced ductility demands become dominant along both principal axes 
of the framing system, the stiffness of the transverse beams in terms of both 
torsion and flexure, relative to the stiffness associated with membrane action 
of the floor slab, is likely to become negligibly small. Therefore, at the 
stage when the strength enhancement of beams is of primary interest, the 
contribution of transverse beams should be ignored. For the purpose of beam 
strength enhancement, one-way and two-way slabs should be treated in the same 
way. 
(4) The mechanisms of flange. action, postulated in Section 7.3 and 
Fig.7.12(b), indicate that horizontal beam forces due to flange actions alone 
are introduced to the 
stresses (Figs.7.10 and 
joint 
7.13). 
core predominantly by concrete compression 
Therefore, for the transmission of these 
joint could be utilized which should not forces a strut mechanism within the 
require additional joint shear reinforcement. 
(5) During earthquake attacks in orthogonal directions, the concrete in 
the slabs acting as tension flanges will be separated from the columns by 
large cracks. On the opposite sides of the columns, the slabs will introduce 
compression forces to joint cores (Fig.?. 12(b)). Thus, slabs in two way 
frames cannot be utilized to resist Eorces generated within a joint core, and 
hence they should not be assumed to contribute in a quantifiable manner to 
joint shear strength or to improved joint performance. 
(6) Columns and beam-column joints of two-way frames, designed to sustain 
forces resulting from simultaneous earthquake attacks along both principal 
directions of the framing system and development of flexural overstrength of 
all relevant plastic hinges in beams, will not be affected on account of 
possible underestimates of beam strength enhancements due to tensile flange 
actions. Both theoretical considerations presented in Section 7.3.4 and 
experimental evidence summarised in Section 7.6.2 indicated that the maximum 
attainable strength of a beam with top reinforcement in tension cannot be 
mobilized under orthogonal seismic attack. One .of the reasons for this is 
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that slab bars in a given direction are utilized during seismic motions in 
both directions (Fig.7.15). 
(7) With few exceptions a strong column-weak beam strength hierarchy 
within ductile frames is desired. This requires the knowledge of the strength 
of the beams as detailed, which could be developed during large inelastic 
displacements imposed by strong ground motions. Only a realistic estimate of 
the moment input from a beam to an adjaent column will enable sufficient 
column reserve strength to be provided, thus ensuring that the intended 
strength hierarchy can be relied on. In this context the assessment of slab 
contributions to beam (negative moment) strength, an aspect that has been 
ignored by most building codes, is important. 
7.8 DESIGN RECOMMENDATIONS 
(1) If warranted a detailed assessment of slab contributions to tension 
flange action should take into account the following quantities and features : 
(i) The amount of slab reinforcement which can be subjected to tension 
due to neagive moments developed in beams. In this the curtailment 
of slab bars in two-way slabs should be accounted for. 
(ii) The effectiveness of slab bars in developing their tensile strength, 
which is influenced by the location of the anchorage of each bar 
within the edge panel of a floor system. Both top and bottom bars in 
a slab should be considered effective only if they can develop their 
tensile strength at or beyond a line extending at 45" from the centre 
of the relevant column (see Fig.7.8 and Section 7.3.1). 
(iii) 
(iv) 
The amount and arrangement of slab reinforcement in edge panels, 
transverse to slab bars which contribute to the increase of flexural 
tension forces. 
Imposed ductility at which strength enhancement is to be considered. 
(2) It does not appear to be justified to recommend design equations 
capable of accounting for each of the above major parameters. This follows 
from the conclusions (l) and (2) made in Section 7.7. For the sake of 
achieving some simplicity in design computations, a compromise solution is 
justified. With particular emphasis being placed on aspects of slab bar 
anchorages, the following design recommendations are made for the estimation 
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Fig.7.22- Effective widths of tensile flanges for cast in place floor systems 
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of the effective flange width, b , within which effectively anchored slab bars 
e 
should be assumed to contribute fully to the negative flexural strength of 
beams. These are illustrated in Fig.7.22 for various beam-slab arrangements. 
Accordingly, the flange width b , effective in tension, may be taken as the 
e 
lesser of : 
(i) One quarter of the span of the affected beam, extending each side 
from the centre of the beam section. 
(ii) One half of the span of the slab, transverse to the beam under 
consideration, extending each side from the centre of the beam 
section. 
(iii) Where the affected beam frames into an exterior column, one quarter 
of the span of the transverse edge beam, extending each side from the 
centre of the beam section. 
(iv) Where the affected beam frames into an exterior column but no 
transverse beam has been provided, one 
extending each side from the centre 
(Fig.7.22(c)). 
half of the column width, 
line of the beam section 
A high degree of accuracy with 
number of effective bars within the width b 
e 
respect to the estimation of the 
is not warranted. 
the three test units, based 
width, b , are shown by the 
e 
The computed enhanced beam strengths of 
on these recommendations for effective flange 
pointed lines marked R in Figs.7.18 to 7.21. The larger value refers to the 
enhancement of flexural overstrength ~t 
to the capacity design of columns for 
column joints for shear. 
f 
s 
1. 18f Jr 1. 15f and is relevant y y 
flexure and that of beams and beam-
(3) Forces introduced by beams to a joint at the flexural overstrengths 
of these beams should include the enhanced strengths of the beams which are 
subjected to negative moments. The uncertainty with respect to force input to 
joints relates only to the flexural overstrength of a beam, enhanced by 
tensile flange contributions in excess of that allowed to use in accordance 
with recommendation (2) above. Because flange contributions to the increase 
of joint shear force should not 
(see conclusion (4) in Section 
beam strength due to flange 
require additional joint shear reinforcement 
7.7), uncertainty in the·estimate of enhanced 
participation only, should not affect joint 
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design, unless an exceptionally large amount of slab reinforcement could be 
mobilized. 
(4) When members are proportioned in accordance with capacity design 
principles [4], the same proportion of flange contribution may be assumed for 
both the determination of dependable strength and the estimation of 
overstrength in beams. 
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CHAPTER 8 
RECOMMENDATIONS FOR THE DESIGN OF JOINTS 
8.1 INTRODUCTION 
Test results for the three beam-column joint assemblies reported in 
previous chapters confirmed that joints design.ed to current NZS 3101 [4] 
provisions performed extremely well. In the light of these findings, some 
relaxations of existing design recommendations will be considered in this 
chapter. These are based partly on conceptual models of joint behaviour which 
have been extensively reviewed in previous chapters, and on engineering 
judgements supported by test observations. 
Section 2.3.3 has already presented some aspects of the bond strength 
requirements, with Section 2.3.2 covering the inter-dependency of bond and 
shear resisting mechanisms in interior joints. Further in Section 2.3.4, new 
models for bond-slip and bond stress distribution of beam bars were proposed. 
Therefore this chapter is an extension of Chapter 2. 
8.2 BOND STRENGTH IN INTERIOR JOINTS 
8. 2. 1 Equilibrium Considerations 
The discussions in Section 2.3.3 covered inelastic interior joints 
with symmetrically and unsymmetrically reinforced beams. The relationships 
between the average bond stress, ub, and the ratio of beam bar diameter to 
column depth, db/he, were expressed by Eqs. (2.8) and (2.9). Test results in 
this project consistently indicated that in most practical situations the 
stressing of beam bars in compression will not reach the strain hardening 
range or even the yield level. Local bond sli~'of beam bars mainly due to 
yield penetration in the joint core, and considered in Section 2.3.4 to be 
inevitable, was detected in the tests. However, they did not appear to 
aggravate the overall seismic behaviour of the joint test units. Limited loss 
of the efficiency of beam bars in developing compression stresses at column 
faces is therefore considered acceptable. The restriction on the allowable 
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average bond stress ub implied by codes [4] can therefore be confidently 
relaxed to that reviewed in detail in Section 2.3.2, i.e. 
ub = 1.53 ~fc' (MPa) (8.1) 
By considering horizontal forces only, the two cases considered in 
Figs.2.12 and 2.13 are generalised in Fig.8.1. The equilibrium of forces for 
the top beam bar is expressed as 
where the maximum value of fsl and 
the top bars can be simplified to 
possibly fs 2 is 
>. f 
0 y 
c 
"ml 
>. f • 
0 y This expression for 
where ~ml = 2>. 0 fy/(fs 2 + fsl) is 
(see Fig.2.8) to the total steel 
the ratio of the maximum feasible bond force 
force 
convenient parameter to incorporate the 
expected 
effects 
to 
of 
be developed. It is a 
the lower stress levels 
when they are developed in an embedded beam bar at opposite faces of a joint 
as shown in Fig.8.1. 
Similar expressions can be derived for the bottom beam bar of 
diameter db' resulting in 
expression in the form of 
c 
"m2 2>. /(f' 2 0 s + Hence in general an 
(8.2) 
can be formulated to determine the usable diameter of a beam bar. ~hile the 
factor~ has yet to be determined, it is evident that the larger the value of 
m 
~ is, the smaller the total bond force 
m 
in relation to the maximum feasible 
value, to be introduced to the 
the bond stress level given 
joint 
by 
core, is implied. Hence by maintaining 
Eq. ( 8. 1), the bar diameter can be 
correspondingly increased. Eqs.(8.1) and (8.2) can be compared with Eqs.(2.6) 
and (2.7) which represent existing code restrictions. 
Eq. (8. 2) is 
additional factors, e p 
bi-directional seismic 
Eq.(8.1), a convenient 
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extended to more general cases by introducing two 
and eb' accounting for effects of axial column load and 
actions respectively. By substituting ub from 
design expression to establish the bond (anchorage) 
requirements for a beam bar in an interior joint is obtained thus 
(8.3) 
Because of limited test data, Eq.(8.3) may not be appropriate when concrete 
compressive strength is outside the range 20 MPa < f' < 45 MPa. 
c 
8.2.2 Factors Affecting Average Bond Strength 
(a) Bi-directional seismic effect (eb) 
The factor ~bin Eq.(8.3). is intended to recognize the detrimental 
effect of skew earthquake actions on a joint. For an interior joint with 
orthogonal framing beams, plastic hinges can form simultaneously at all four 
faces of the joint. Tension transverse to beam bars will accelerate bond 
deterioration and eventually reduce strength, and hence will contribute to 
additional slip of these beam bars. Chapter 5 on Unit 20-I reported that in 
contrast to corresponding beam bars in Unit 10-I, the east-west bottom beam 
bars lost anchorage and slipped completely within the joint core after a 
severe history of bi-directional displacement reversals was imposed. 
Therefore a factor represented by ~b is considered to be necessary for 
designing joints of two-way frames. It is suggested that ~b be taken as 0.85, 
implying a nominal 15% reduction in the effective bond strength. In the 
absence of experiments, specifically designed to explore this phenomenon, more 
refined value for ~b could not be arrived at. 
(b) Axial column load effect (~ ) 
--- p 
It is known that transverse confinement significantly improves the 
bond performance of a bar under seismic conditions [18]. Therefore some 
allowance for enhanced bond strength is justified when the surrounding 
concrete over a considerable length of a beam bar is subjected to compression 
transversely to the beam bar, normally due to column axial load. With an 
upper limit of 1.25, e is suggested to include the beneficial effect of axial p 
compression on column, so as to permit 'in such situations the use of larger 
diameter bars. In general, even under the minimum design axial compression 
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load P , the ratio P /f'A for a well-proportioned interior column at lower 
e e c g 
levels of a multi-storey frame could be at least 25% to 30%. Therefore the 
following expression is suggested: 
p 
0. 85 ( 1 + f' : ) ~ 1. 25 
c g 
(8.4) 
Eq.(8.4) is essentially based on engineering judgement and on limited 
test observations [18]. It is likely that the beneficial effect of transverse 
compression on bond when 0.1 < P /(f'A )<0.3 is underestimated. It could be 
e c g 
improved when more test data are available. 
(c) Beam moment effect (~ ) 
m 
Recognizing various possible levels at which beam moments, generating 
steel stresses, may be introduced to joint cores, a few typical cases are 
considered for the evaluation of e 1 and these are summarised as follows : m 
( 1) 
(2) 
When symmetrically reinforced beams 
used and flexural overstrengths are 
(i.e. A 
s 
expected 
= A' in Fig.8.1) are 
s 
to be attained at both 
joint faces, both top and bottom beam bars may be subjected to the 
same critical forces as shown in Fig.2.12. 
referring to Fig.8.1, fsl = fsZ A0 fy' fsi = fsZ 
the definition given in Section 8.2.1, 
At this stage, by 
f and hence from y 
c 
"'m 
2), 
0 
1 + A 
0 
(8.5) 
When beams are unsymmetrically reinforced (i.e. A' =~A and ~ < 1) 
s s 
and plastic hinges still jorm at both faces of the joint, the maximum 
bar forces are as suggested in Fig.2.13. 
Fig.8.1 become fs 1 = fsZ = A0 fy' 
Therefore, 
(for top bars) 
(for bottom bars) ~ 
m 
2A 
0 
1 + A 
0 
2A 
0 
+ A 
0 
The stresses shown in 
'
8 A f < f and f ' = f . 
o y - y s1 y 
(8.6a) 
(8.6b) 
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(3) ~hen gravity loads on beams are significant or dominant in comparison 
with actions due to earthquake lateral forces, a beam plastic hinge 
(4) 
on one side of the column may never develop. This can occur in low-
rise building frames particularly with long-span beams, and also 
commonly in the upper storeys of multistorey frames. Consequently 
the bottom bars such as the one at the left face of the joint core in 
Fig.8.1 may remain elastic in all events. This corresponds to fsZ ~ 
fy. For convenience a stress factor u1 is adopted so that fsZ = u1fy 
and u1 ~ 1. It suffices to consider the range 0.8 ~ u1 ~ 1 because 
smaller values correspond to less critical situations. Substituting 
fs 1 = .-\ 0 fy' f~ 1 = fy and fs 2 = ~f~ 2 = ~v 1 fy' 
(for top bars) 
(for bottom bars) ~m 
~hen plastic hinges are 
faces, neither the top nor 
2.-\ 
0 
2.-\ 
0 
intentionally 
the bottom 
(8.7a) 
(8.7b) 
relocated away from column 
beam bars at the joint faces 
(Fig. 8.1) will be stressed in tension beyond yield strength while 
the flexural overstrength of the hinges is being developed. 
Anchorage conditions will be even less critical. Considering 
(Fig.8.1) 
fs 2 = ,Bfy' 
the 
(for top bars) 
(for bottom bars) 
worst situation 
2.-\ 
0 
1 + (J 
when and 
(8.8a) 
(8.8b) 
Eq.(8.8b) is identical to Eq.(8.8a) when ~ = 1, or to Eq.(8.7b) when 
v 1 = 1. 
(5) If more deterioration of beam bar anchorage within an inelastic joint 
core is accepted, resulting in stress patterns as indicated in 
308 
Fig.2.10, the above requirements for bond "Strength can be further 
relaxed. As Fig.2.10 shows, bond deterioration manifests itself in 
decreased compression stress developed in beam bars. The advantage 
is that as a result the concrete compression strut mechanism Vch is 
enhanced (see Sections 2.3.2 and 2.3.4), thus reducing the amount of 
joint shear reinforcement to participate in the truss mechanism Vsh' 
The compressive stresses f~ 1 and fs 2 in the bars of Fig.S.l are 
quantified by v2fy' where v 2 is another stress factor of the range 
0 < v 2 < 1. Note then f~ 1 and fs 2 need not be equal. To avoid 
crushing of the concrete in compression, the values of eel and cc2 
(Fig.S.l) should not be excessive although their existence is 
desirable for Vch to be mobilised. This is identical to the 
condition that Csl or cs2 does not become extremely small or zero. 
Consequently, v 2 should be at least 0.5. Considering the maximum bar 
forces possible, with fsl = v 2fy' fsl = f~ 2 = A0 fy and 
fs 2 = ~A0 fy ~ v 2fy' 
(for top bars) 
(for bottom bars) c 
"m 
2A 
0 
(8.9a) 
(8.9b) 
To facilitate comparisons, Eqs.(8.5) to (8.9) are plotted in Fig.8.2 
showing the resulting maximum and 
for the case A = 1.25 when Grade 
0 
= 1.4 is associated with Grade 380 
A'IA , v1 = f' 2/f and v 2 = s s s y 
practical ranges. 
f' /f 
s 1 y 
minimum values of ~ . Fig.8.2(a) 
m 
275 steel is used, while Fig.8.2(b) 
applies 
with )., 
0 
steel. Different values assigned to ~ = 
or f 2/f s y are considered to be within the 
To demonstrate relevance to a realistic situation, the largest beam 
bar diameters allowed by Eq.(8.3) 1 corresponding to the largest values of ~m' 
are calculated using an example interior joint core with column depth h = 600 
c 
mm, concrete compressive strength f' 
c 
= 30 MPa, and factors ep and eb being 
assumed to be unity. The results are plotted on the right-hand ordinate of 
Fig.8.2. Also shown are the limits 
requirements. As have been covered in 
according to current NZS 3101 [4] 
detail in Section 2.3.1 and 2.3.2, NZS 
3101 provisions were based on the assumptions of fsl = f~ 1 = fs 2 = f~ 2 = 
1.6 
QB 
1.8 
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t: 2'Xo Eq (8.8o) !om= ----;s-
1+ ... 
I (a) A.o = 1.251 Assumptions:- 0 ~ 
Column depth, he = 600mm ~ ~ 
Concrete f~ = 30MPo Q:: '1J 
~p = ~b = 1.0 (1/13) 
RATIO OFBOTTOM TO TOP BEAM REINFORCEMENT,~ 
Eq(8.8o} ~m= ~ 
jfb) ~ = 1.4, 
as 0.6 0.7 0.9 
RAnO OF BOTTOM TO TOP REINFORCEMENT,~ 
t.o 
db/he 
RATIO 
(1/17) 35 
(1/20) 30 
17 
Fig.8.2 - Bond strength factor allowing for beam moment effect 
....... 
E: 
E: 
'-
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~ f and hence~ = 1.0. 
o y m The code assumed that for all cases f' = 20 MPa and c 
no allowance was made for the beneficial effects of column axial compression 
and higher strength concrete. 
It is evident from Fig.8.2 that some conditions are more favourable 
than others for anchorage of beam bars in a joint core. The bond strength 
factor e can be determined using Eqs. (8.5) to (8.9) to correspond to a given 
m 
design situation. However, for routine design work it is desirable to adopt 
simple rules. Also by recognizing that Eq. (8, 3) involves two more 
rules for ~ are therefore not 
m 
coefficients based on judgement, sophisticated 
justified. From the test results reported in earlier chapters, the maximum 
probable compressive steel stresses attained in beam bars at column faces, 
i.e. f~ 1 and fs 2 in Fig.8.1, can be summarised as follows : 
(1) For symmetrically reinforced beam sections ((3 ~ 1. 0), fs2 0.8 f 
and f'1 = 0.9 f . s y 
(2) For unsymmetrically reinforced beam sections ((3 ~ 0.5), fs2 O.Sf 
and f' 1 = l.Of. s y 
Therefore it is proposed that for beam bars in inelastic interior joints 
2~ 
0 
(3 + ~ 
0 
(8.10) 
y 
y 
where 0.5 ~ (3 ~ 1.0. For the bottom layer beam bars, (3 shall always be taken 
as unity. Eq.(8.10) is denoted by the heavy lines in Fig.8.2 for the two 
cases with A = 1.25 and 1.4. 
0 
For elastic joints where plastic hinges are not expected at opposite 
faces of a joint, Eq.(8.8) may be adopted. 
8.3 SHEAR STRENGTH OF INTERIOR JOINTS 
8. 3. 1 General 
Section 2.3 has reviewed the two postulated ~nd generally accepted 
mechanisms of joint shear resistance as well as the influence of bond 
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performance on these mechanisms. With the notation of Section 2.3 and from 
Fig.2.4, the shear strength of an interior joint in the horizontal and 
vertical directions can be derived from the superposition of the two 
mechanisms as 
(8.11a) 
and v. = v + v 
JV CV SV 
(8.11b) 
It was pointed out in Section 2.3.1 that with some exceptions, code 
provisions in New Zealand [4] ingore the effectiveness of Vch in inelastic 
joints. Thus all the horizontal joint shear is assumed to be carried by 
reinforcement. In Section 8.2.2, a compromise in beam bar anchorage 
conditions, with due consideration for practicality, has led to relaxation in 
the requirements for anchoring beam bars in inelastic joints. Therefore it is 
necessary to evaluate the likely effect of this relaxation on the mechanisms 
of joint shear resistance. 
8.3.2 Contributions of Concrete Strut Mechanism 
(a) Horizontal joint shear 
The discussions in Section 2.3.3 and particularly Section 2.3.4 on 
the relationships between bond and shear mechanisms have resulted in the 
establishment of Eqs.(2.10) to (2.13) which provide a means to quantitatively 
estimate Vch for inelastic interior joints. Both the postulations and the 
experimental results in this project suggested that Vch might be considerable. 
This force can be better appraised by resolving it into two components, namely 
V~h and V~h' so that with the notation in Fig.2.16, Eq.(2.12) becomes 
where 
and 
V" 
ch 
V' + V" ch ch 
&' - KfV 1 c co 
(8.12) 
(8.13a) 
(8.13b) 
(8.13c) 
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The introduction of the factor Kf ensures that neither Eq.(8.13a) nor 
Eq.(8.13b) results in negative forces. It is seen that the total value of Vch 
(Eq.(8.12)) is independent of the assumed allocation of Vcol to V~h and V~h' 
The likely magnitudes of the factor Kf found from the tests were : 
(1) Kf ~ 0.7 for symmetrically reinforced beam sections (fi ~ 1.0), 
corresponding to compressive steel stress at top layer bars fs 2 ~ 0.8 
fy (see also Section 8.2.2). 
(2) Kf ~ 0.6 to 0.65 for unsymmetrically reinforced beam sections (fi ~ 
0.5), corresponding to fs 2 ~ 0.5 fy. 
Because anchorage conditions for beam bars change continuously during 
the elastic and subsequent inelastic response of a reinforced concrete frame, 
it is difficult, if not impossible, to precisely determine the bond forces ~ 
c 
relevant to a particular state of .a joint. The method proposed in Section 
2.3.4, based on simple models and engineering judgements, is considered 
relatively conservative, yet realistic. It is therefore considered acceptable 
for design purposes. To estimate the likely magnitude of the horizontal joint 
shear strength Vch' Eqs. (8.12) and (8.13) can be applied for various 
combinations of cc 2 and cs 2, bearing in mind that cc2 should always exist. 
An example based on Fig.S.l is used to illustrate the effects of the 
coefficient Kf when he = 600 mm. 
proportions, the column shear, V 1 , co 
For beam-column joint assemblies of usual 
is of the order of 0.15(T 1 + T2). The 
corresponding values of Vch' normalised in terms of the total horizontal joint 
shear Vjh' are plotted in Figs.8.3 and 8.4. Fig.8.3 shows the special case 
for p = 0.5 and zero column axial load, with the components V~h and V~h being 
separated. Evidently even when cc 2 diminishes to nearly zero, the case of 
which as discussed before should not exist, the shear resistance Vch still 
amounts to 22% of the horizontal joint shear. This results entirely from part 
of the total bond forces T1 + cs2 being introduced to the diagonal concrete 
strut, estimated as~ -V 1 (Fig.2.16). c co 
Fig.8.4 shows more general cases by including three possible values 
of p and also the effects of axial load on the column (P /f'A ). Also plotted 
e c g 
at the top of both graphs 
overstrength factors of A 
0 
are the values of v = f 2/f < 1.0 for tensile s y -
= 1.25 and 1.4. 
0 
...... 
0.48 
0.4 
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Ratio of Steel Compressive Stress to Yield Strength, v = f5;/fy 
0 0.2 0.4 0.6 
Q2 
A' ~ = i; = 0.5 
.fi_ -0 f~Ag-
0.4 0.6 0.8 1.0 
Ratio of Steel Compression Force to Total Compression Force, Kr= C5/72 
Fig.8.3 - Horizontal concrete shear resistance in an inelastic interior 
joint assembly with unsymmetrically reinforced beams 
Ao= 1.25 
-0 
...... 
1-2 
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0.4 
(a J Ratio of steel compressive stress to yield strength 
for top beam bars I v = f52 /fy I as a function of Kr 
~ = 1.0 ~ r.75 0.5 
0.8 1.0 
~= 0.75 
~= 1.0 
~=0.75 
~= 1.0 
~ 
Kr 
ril ~ 
0.3 
0.15 
0 
Ratio of Steel Compression Force to Total Compression Force I Kr= C5/T; 
(b) Vch/\.-}h as a function of Kr and Pe /f~Ag 
Fig.8.4 - The contributions of concrete strut mechanism to horizontal joint 
shear resistance in an inelastic interior joint 
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While Fig.8.4 shows that Vch depends to a great extent on the 
assigned value of Kf, reference is made to the observed values for Kf from the 
test results as reported in an earlier paragraph. Thus under zero column 
load, Vch = 0.31 Vjh for Kf = 0.65 and~= 0.5, and Vch = 0.33Vjh for Kf = 0.7 
and~ = 1.0. These are indicated in Fig.8.4 by the dotted circles. For the 
formulation of a simple design procedure applicable to general cases, a 
compromise needs to be made. It is suggested therefore, as indicated by the 
heavy lines bounded by full circles within the range 0.6 ~ Kf ~ 0.7 in 
Fig.8.4, to simplify the results to that Vch/Vjh = 0.3, 0.46 and 0.62 
corresponding to the cases when P /f'A = 0, 0.15, and 0.3 respectively. The 
e c g 
effects of reinforcement ratio ~ may be disregarded because the relationships 
in this range of Kf is not sensitive to~. Consequently the simplifications 
can be expressed by the following equation : 
p 
o.3 (1+3.5f,! )vjh 
c g 
(8.14a) 
For two-way frames subjected to bi-directional seismic attack, 
simultaneous development of horizontal joint shear 
two principal x andy directions is inevitable. 
forces vjx and vjy in the 
In this case the beneficial 
effect of axial column load on joint shear strength will probably be reduced. 
While little relevant test data are known, an adjustment factor C. defined as 
J 
c. 
J 
V.h/(V. + V. ) J JX JY (8.15) 
is recommended [ 4] as a multiplier to the column load ratio P /f'A when 
e c g 
considering horizontal joint shear in one particular direction. For a 
symmetrical two-way frame C. is equal to 0.5. 
J 
Test results for the identically reinforced joints of Units 2D-I and 
2D-E reported in earlier chapters concluded that the response of a two-way 
joint core was generally inferior to that of one-way joint. It is therefore 
prudent at this stage to allow for 15% reduction in the assessed· concrete 
shear strength Vch according to Eq.(8.14a). Hence while Eq.(8.14a) is 
applicable to joints of one-way frames, the following equation is proposed for 
estimating Vch in inelastic interior join~s of two-way frames 
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( 
C .P ) 
o.zs 1 + 3.5 f1 : vjh 
c g 
(8.14b) 
(b) Vertical joint shear 
The above procedure may be extended to estimate the magnitude of the 
vertical joint shear resistance by the concrete strut mechanism. Fig.2.4(c) 
shows the assumption that the angle of inclination of the strut is a. Once 
the horizontal component vch of this diagonal force DC is determined from 
Eq.(8.14), itt·: evident that the corresponding vertical component of D is 
c 
* v 
cv 
(8.16) 
This vertical component force is denoted by V* so as to differentiate it from 
cv 
the conventional notation v 
cv 
(Eq.8.11b) which collectively represents the 
the vertical joint shear vertical shear resistance other than that of 
reinforcement. 
For design purposes and in the light of previously made assumptions, 
particularly those with respect to the distribution of bond forces along beam 
bars, refinements in the determination of angle a in Eq.(8.16) are not 
justified. As can be seen from Figs.2.4(c) and (d), the angle of inclination 
of the diagonal compression field within the truss mechanism is assumed to be 
the same as that of the diagonal strut. Clearly the angle a will increase 
when axial compression load acting on the column is also to be transmitted 
through the joint. 
Eq.(8.16) is based on equilibrium consideration. It may be readily 
shown that the vertical forces C" and &'" at the upper left hand corner of the 
c c 
joint (Fig.2.4(c)) can be easily developed. In view of the expected good bond 
performance of (elastic) column bars and the small depth of flexural 
compression zone in the adjacent beam, the component 6.1'" is expected to be 
c 
rather small. On the other hand, the compression reinforcement in an elaitic 
column, without any axial compression as assumed in' Fig.2.4, is likely to be 
subjected to stresses only a small fraction of its yield strength. Hence the 
contribution of the conct·ete, shown as C" in Fig.2.4(c), will be very 
c 
significant. Elastic analyses of conventionally reinforced columns also show 
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that when subjected to flexure 
(Fig.2.4(b)) invariably exceeds 
only 
that 
the total flexural compression force 
required to balance the sum of the 
vertical component of the diagonal strut and the beam shear force, i.e. 
c 11 + c 11 > V t ana + Vb . c s ch The resulting excess compression, 2C
11
, together with 
axial compression load on the column, will enable vertical joint shear force, 
in addition to V* , to be transmitted without the aid of vertical joint shear 
CV 
reinforcement. This is quantified in the following section. 
8.3.3 Contributions of Truss Mechanism 
Fig.8.5 reproduces the truss model of Fig.2.4(d) with a diagonal 
compression field inclining at an 
hb/h~ ~ hb/hc. The total joint 
angle a with the horizontal, where tana = 
shear reinforcement in the horizontal and 
vertical directions is A.h and A. respectively. From Eq.(8.lla) it follows 
J JV 
that the contribution of the truss mechanism to horizontal joint shear can be 
determined as Vsh = Vjh- Vch' where Vch is given by Eq.(8.14). Thus the 
shear flow (i.e. force per unit length) around the joint core is 
v = v /h ' 
s sh c (8.17) 
and the area of the required horizontal joint shear reinforcement is 
accordingly calculated as 
v h'/f h 
s c y (8.18) 
where fyh is the yield strength of the horizontal joint shear reinforcement. 
In the vertical direction, as concluded in Section 8.3.2 the joint 
core is subjected to vertical compression due to the net force C:C" = C" + C" -
c s 
Vb - V* , over a depth c CV (Fig.2.4) and also due to axial compression load P e 
over a reduced column depth h'. 
c 
These effects can be for convenience 
approximated by the following uniformly distributed forces (Fig.8.5) 
p = ( 2C" + p ) /h ' 
e c 
(8.19) 
Eq.(8.19) does not account for the fact that there is a larger force transfer 
between the upper right-hand corner and lower 
core (Fig.8.5) due to the concentration of the 
left-hand corner of the joint 
force 2C". However, this 
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Fig.8.5 - Forces within the truss model for an inelastic interior joint core 
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n 
assumption of uniform distribution coforms with ·that implied by the truss 
model. 
Further approximation is taken by assuming that in Fig.2.4(b) each 
pair of steel compression force and concrete compression force, such as C" and 
c 
C", in each structural member framing into the joint core are acting on the 
s 
same line of action. Thus the total tensile force in the outer bars of a 
symmetrically reinforced column behaving elastically, subjected to no axial 
force as shown in Fig.2.4(b), can be estimated as 
'T 1"+·f" Vb (i-IT 1 -V'"'l·\r····· 
')·1-' L-J I 
T"' = T";:::: 0.5 [(T + T' - Vcol) tana: + Vb] 
(8.20) 
The force ~", which acts on the edge of the joint core of Fig.8.5, can now be 
evaluated by considering the vertical shear flow vs, which is defined by 
Eq.(8.17). The equilibrium of the left vertical boundary of the model is 
I 0 \1 ) \),, IV< l satisfied when \/.:, \1L1 , ''~I 1:.: \f·.') \/1\, \1•11 1!{ • o.\ (\1:11 · C1" • ·1 ( 1 
' o · · \ .\'· • (' ( 1 ') t \J v -\}j·,,·\Qq()( _~b) -;:. 0.'., . )\ 1l,·\Jjc ('1•1IX I, J 
r 1' c o.•:; (2\),,, ( ·' \ IJ.\ 
"' 0 I <:; ( \}, L ' ~d' ) ' Vh '-< '' " J 
~~~ vshb - T";:::: 0.5 [(Vsh - Vch) tana: - Vb] · (8.21) 
Alternatively the same result can be reached by referring to the equilibrium 
conditions implied in Section 8.3.2(b), namely os[\l~hlr,,·~ 11h,\ · \)\) 1],, '., •.. 
As the beam shear force Vb is relatively small, typically of the 
order of Vb < O.lV. , it may be approximated by the average of beam shear JV 
forces due to earthquake induced beam moments on either side of the joint. 
From consideration of the equilibrium of the vertical forces acting 
at a node point X in Fig.8.5, the following expression is obtained : 
p + 
A f jv yv - v tana: 
h' s 0 (8.23) 
c 
where f is the yield strength of yv the vertical joint reinforcement. Hence 
the required vertical joint shear reinforcement is 
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--
1
-- (h' v tana - h'p) f c s c (8.24a) yv 
Alternatively by substitution from Eqs.(8.17) and (8.19) 
A. JV 
1 
--f-- [V sh tana - (l::C" + P e)] 
yv 
(8.24b) 
When l::C" is estimated by Eq.(8.21) 
vjv' it is found that 
and by recalling Eq.(2.2b) that Vjhtana ~ 
(8.24c) 
where all variables are known. 
In the presence of some axial compression load on the column the 
requirement of Eq.(8.24c) is, as a general rule, readily met with the use of 
intermediate column bars. Partic.ularly in columns which are designed in 
accordance with the capacity design procedures including the effects of 
dynamic moment magnification, the vertical reinforcement will have ample 
reserve strength to absorb the vertical tension forces due to joint shear. 
Outer column bars may also contribute by restricting the vertical growths of 
the joint due to shear. In view of this and as stated earlier, the fact that 
the beam shear Vb is small in comparison with the joint shear, Vjv' Eq.(8.24c) 
may be further simplified to 
A. JV 
1 
--f-- (0.5 v. - p) 
yv JV e 
(8.24d) 
When the joint is part of a two-way frame, due allowance for the reduced 
contribution of the axial compression load corresponding to each direction of 
earthquake attack (Section 8.3.2(a)) should be made with the use of Eq.(8.15). 
As was mentioned repeatedly in 
strains in horizontal joint ties placed 
are strongly influenced by the elongation 
earlier chapters on test results, 
very close to the beam reinforcement 
of adjacent beam bars. Therefore, 
for more effective contribution of horizontal joint ties to shear resistance, 
placement of the ties in a pattern similar to that shown in Fig.8.5 is 
recommended. 
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8.4 THE EXTERIOR JOINTS 
8.4.1 General 
Unlike interior joints, exterior joints were not covered extensively 
in Chapter 2. As Section 2.3.1 stated, the conditions in an exterior joint 
are less critical because only one beam acts in a plane. Hence with reference 
to Fig.2.l(a), Eq.(2.1) for horizontal joint shear force is reduced to 
(8.25) 
where V ~ 0.5 (V' + V"). The vertical joint shear force may be found from 
c c c 
equilibrium considerations or 
mechanisms of shear transfer 
approximately estimated 
within the joint core 
by 
are 
Eq.(2.2b). The 
similar to those 
postulated for an interior joint. The major deviation is that the presence of 
the end hooks of beam bars (see Fig.2.1(a)) create more favourable environment 
to mobilise the concrete strut mechanism. Previous studies on exterior joints 
[18, 37, 64] asserted that with the assistance of column ties close to and on 
the outside of the beam flexural reinforcement, and with a certain amount of 
joint reinforcement, an enhanced concrete strut mechanism would be viable, as 
illustrated schematically in Fig.8.6. For this reason NZS 3101 [4] permits 
Vch of considerable magnitude to be assumed in design even for inelastic 
joints. Test results for Unit 20-E as reported in Chapter 6 support these 
conclusions. 
S.4.2 Anchorage of Beam Flexural Reinforcement at Exterior Joints 
The tension force T developed in the top bars of the beam in 
Fig.2.1(a) is introduced to the surrounding concrete by bond stresses along 
the bars and by bearing stresses in the bend of the hooks. According to NZS 
3101 [4], in view of yield penetration and subsequent bond deterioration, the 
basic effective development length for a standard hook, 2dh' should be assumed 
to commence oniy at a distance of O.Shc or lOdb from the column face of bar 
entry, as explained in Fig.2.5. As was discussed in Chapter 6 (Unit 20-E), 
the lOdb requirement may be relaxed to 8db. Other requirements shown in 
Fig.2.S(a) are considered essential. 
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T 
Fig.8.6 - Compression stress trajectories enhancing concrete strut mechanism 
in an exterior beam-column joint [37] 
Diagonal 
concrete ---
strut 
:::0.7h 
( o J Joint core 
0.7hc 
·j 
Steel stresses ~~~g~fy 
To truss ~_j_ 
mechanism =0.8c j 1 
Bond /o,ces ~]<;, 
TO strut 
mechanism (b.T"cJ 
{b) Bottom foyer beam bars 
Fig.8.7 -Assumed actions inside an inelastic exterior joint 
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8.4.3 Shear Strength of Exterior Joints 
(a) Concrete strut mechanism 
The principles for assessing the contributions of the strut and truss 
mechanisms follow those for interior joints presented in Section 8.3. 
However, modifications are necessary to incorporate the features which are 
different from those considered at interior joints. 
Details of the concrete strut mechanism in an exterior joint core are 
reproduced in Fig.8.7(a). It is evident that in developing the diagonal 
compression force D , associated with 
c 
the lower right-hand end of the strut 
tension in the top beam reinforcement, 
is more critical. As in the case of 
bars subjected to compressive stress at interior bars, the horizontal 
component of the strut, estimated as 
V = D cosa' 
ch c (8.26) 
at the exterior joint (Fig.8.7(a)) will depend on the extent of the concrete 
to transmit to the joint a 
distribution of bond forces 
flexural 
along 
compression 
the bottom 
force C , and also on the 
c 
bars which are subjected to 
compression force Cs. By similarity to Eq.(8.12) the components of Vch = V~h 
+ V~h for an exterior joint may be expressed, with the notation in Fig.8.7(a) 
as 
and 
where 
and 
V' 
ch 
V" 
ch 
T 
C - (1 - Kf) V c col 
C /T 
s 
A A f 
s 0 y 
Eq.(8.27c) may be simplified to 
= {31A < 1.0 0 -
(8.27a) 
(8.27b) 
(8.27c) 
(8.28) 
which implies that when {3 = A'/A ~ 1.0 the maximum compressive stress in the 
s s 
bottom bars is restricted to f f , while the tension reinforcement at the 
s y 
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top develops overstrength A f . Evidence obtained from the test of Unit 20-E 
0 y 
indicated that steel compressive stresses did not exceed f . y 
When the applied moment on the 
entire flexural compression force at top 
column by reinforcement only, while the 
beam reinforcement is below yield level. 
joint in Fig.8.7(a) is reversed, the 
may in theory be transmitted to the 
maximum compressive stress in the top 
This alternative case is equivalent 
to taking~ =As/A~~ 1.0. Since the total top compression force cannot be 
larger than the bottom tension force, Eq.(8.28) may result in Kf = 1.0. 
However, as with interior joints discussed in 
compression force C should also exist at the 
c 
alternative case, and likewise at the bottom of 
Section 
of 
8.3, the concrete 
the beam in this top 
the beam in the case of 
downward bending as shown in Fig.8.7(a). In Section 2.3.4 and in subsequent 
discussions of test results, this mobilisation of C has been emphasised as 
c 
necessary and viable. Although anchorage conditions for the beam bars in 
exterior joints are better than those in interior joints, the reversing cyclic 
inelastic straining of beam bars nevertheless causes considerable bar 
elongation and yield penetration. Thus when the exterior beam bars are 
subjected to compression, a small amount of bond slip still comes into effect 
to engage the embedding concrete to provide the anchorage of bars. Further 
plastic rotation of the beam 
from the test results for the 
enables C 
c 
to be mobilised. Conclusions drawn 
of Unit 20-E were similar to those 
When the beam was bent upwards, the 
east beam 
obtained from the interior test units. 
maximum steel compressive stress in top beam bars at the column face was of 
the order of O.Sf . Accordingly the y force factor was estimated as Kf ~ 0.65 
with A ~ 
s 
O.SA '· When the east beam was subjected 
s 
to downward bending, the 
Kf factor reduced to a value of approximately 0.5. 
By applying Eqs.(8.27a to 8.27c), a sensitivity analysis similar to 
that in Section 8.3.2 and Fig.8.4 may be carried out. It is evident, however, 
that for design purposes values for extreme cases are not necessary. From 
theoretical considerations, an exterior beam with symmetrical top and bottom 
a probable value of Kf = 0.8, 
included in this test series. 
reinforcement (i.e. ~ = 1.0) corresponding with 
is most critical. Such beam arrangement was not 
From the above discussions, it is concluded that the steel 
compressive stress and corresponding bond force distributions proposed in 
Fig.8.7(b) are applicable to both top and bottom beam bars. Bond transfer 
under transverse compression is more efficient. Hence for the purpose of 
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estimating V~h in Eq.(8.27b), the assumed uniform distribution of bond forces 
over an effective development length of 0.7h , resulting in the unit bond 
c 
force u = C /0.7h, is considered to be conservative. The portion of bond 
0 s c 
force over an assumed effective depth 0.8c, where c can be estimated using 
Eq. (2-.1,, , is thus 61' = O.Su c. With typical values 
c 0 
~ 0.85T s discussed in Section 8.3.2(a), and adopting 
results are obtained by applying Eq.(8.27) : 
(1) 
(2) 
(3) 
When P /f'A 0, 
e c g 
When P /f'A 0.15, 
e c g 
When P /f'A 
e c g 0.3, 
of Veal~ 0.15T and vjh 
Kf = 0.8, the following 
It appears that Eqs.(8.14a) and (8.14b) can be adopted for exterior joints of 
one-way and two-way frames respectively. 
When a moment causes the bottom beam reinforcement (Fig.8.7(a)) to be 
in tension, earthquake induced beam shear forces will subject an exterior 
column to axial tension. This will reduce the net axial compression on the 
column or even result in net tension. In the latter case the term P in 
e 
Eq.(8.14) should be taken as negative. Eq.(2.13) is considered to be still 
appropriate. For this load condition clearly the ratio Vch/Vjh will be much 
smaller. Therefore the requirements for joint shear reinforcement may be more 
severe. 
Provided that adequate anchorage by a standard hook has been provided 
for the tension reinforcement, there is no need to investigate at that 
locality details of the force transfer, Vch' to the diagonal strut. Briefly 
there are two groups of forces contributing to the strut mechanism in the hook 
region. The first is due to the anchorage force shown as Rj in Fig.8.7(a). 
The second group is due to the bond forces introduced from the horizontal part 
of the top beam bars and also to the vertical compression forces from the 
column such as C' in Fig.2.l(a), and the vertical joint shear reinforcement. 
c 
This combination allows the total diagonal compression force in the joint core 
to be resolved into component D 
c 
as shown in Fig.8.7(a) and another component 
at an angle of inclination much less than a'. This latter force will then 
' engage horizontal joint tie forces in the upper unshaded triangular portion of 
the joint core as can be inferred in Fig.8.7(a). 
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(b) The contribution of the truss mechanism 
The required quantity of horizontal joint shear reinforcement for 
exterior 
interior 
necessary 
should be 
joints can 
joints. 
amount of 
similar to 
be determined using Eq.(8.18) developed earlier for 
As expected, the strategy employed in estimating the 
vertical joint shear reinforcement in exterior joints 
that presented for interior joints in Section 8.3.2(b). 
Following the same procedure as in developing Eqs.(8.19) to (8.24), it can be 
shown that the required amount of vertical joint shear reinforcement is 
= ~ [0.5 (Vjv + 0.5 Vb) - Pe] 
yv 
(8.29) 
which for design purposes can 
exterior column is subjected to 
significant increase in the 
. reinforcement Ajv' 
be approximated to Eq.(8.24d). When the 
net axial tension, Eq.(8.29) may indicate a 
required area of vertical joint shear 
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CHAPTER 9 
GENERAL CONCLUSIONS AND RECOMMENDATIONS FOR FUTURE RESEARCH 
9.1 GENERAL CONCLUSIONS 
In the experimental part of this research project, three full-scale 
beam-column joint reinforced concrete 
were tested. Test 
according to the 
results from these 
New Zealand concrete 
assemblies incorporating floor slabs 
three specimens, which were designed 
design code provisions for ductile 
moment resisting frames, were very satisfactory in terms of strength and 
ductility capacity during quasi-static cyclic loading simulating severe 
seismic actions. The performance of the one-way interior joint (Unit lD-I) 
was found to be superior to that of the two-way exterior joint (Unit 2D-E), 
which in turn was superior to that of the two-way interior joint (Unit 2D-I). 
The very good performance of the beam-column-slab assemblies was considered to 
have resulted from the relatively large quantity of joint shear reinforcement 
provided and the use of sufficiently small diameter longitudinal beam bars to 
avoid excessive slippage through the joint cores when plastic hinges developed 
in the beams at the column faces. 
There was no evidence during the tests to indicate that the presence 
of a floor slab or beams in two directions provided confinement to a joint 
core during bi-directional seismic loading whereby the performance would have 
been improved. As expected the strengths and stiffnesses of the Units 
consistently reduced with increasing ductility demands. Under uni-directional 
loading, a significant portion of slab bars in tension contributed to the 
negative moment flexural strength of the beams and hence to the enhancement of 
the strength of each Unit. A mechanism of floor slab contributions to beam 
flexural strength is postulated and design recommendations to include tension 
flange effects are made. 
Existing design procedures in New Zealand for beam-column joints in 
ductile frames are based on a concrete strut and a truss mechanism of shear 
resistance in joint cores. Further review of performance criteria for joints 
and previous experimental findings suggests that present New Zealand design 
procedures could be relaxed in terms of both bond and shear strength 
requirements. Consequently, after detailed consideration of tests results, 
revised models for bond strengths and shear strengths of joint cores are 
presented and a set of new design recommendations is proposed. 
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9.2 RECOMMENDATIONS FOR FUTURE RESEARCH 
It was not possible to undertake further testing to verify the 
appropriateness of the proposed design recommendations. However, it is 
considered that in future research the following aspects should be given 
special attention : 
(1) The effect of column axial load on both bond and joint shear 
strengths. 
(2) The effect of concrete strength on the bond performance of bars 
passing through joints. 
(3) The effect of deterioration of joint stiffness, usually in terms of 
the joint core shear deformations, on the stiffness of the test 
structure. 
Test results from this project clearly showed that bond and shear 
deformations within beam-column joints were significant and that they 
inevitably reduced frame stiffnesses. Therefore more reliable techniques need 
to be developed to predict these deformations. 
There is still no universally accepted standard to quantify the 
quality of the seismic behaviour of joints in reinforced concrete framed 
structures. However it is generally accepted that joint performance must be 
I 
related to the desired performance of the total structure. Further research 
is needed to establish more precisely the desired performance criteria. 
Most of the experimental work reported in the literature on beam-
column joints has been on isolated test specimens. Further studies need to be 
carried out involving joints in multi-bay frames. Inelastic beam elongations 
appear to be significant in continuous frames. It has been suggested that at 
certain levels columns may provide horizontal restraints to beams and hence to 
joints. The relationships have to be confirmed in tests and the phenomenon 
studied. 
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APPENDIX A 
Summary of Design Provisions for 
Beam-Column Joints of Reinforced Concrete 
Ductile Frames According to NZS 3101:1982 
A-2 
The rationale used in developing the relevant provisions for reinforced 
concrete beam-column joints in NZS 3101 [4] was discussed in some detail in 
Chapters 1 and 2. Hence in the following the code provisions are summarized 
with only a brief reference, when necessary, to the background of a particular 
requirement. This summary is extracted from an earlier report prepared in 
1984 [18]. Symbols and notation are ~dentt~al to those used in the main text. 
Design assumptions 
The NZS 3101 code provisions are intended to ensure that joints are 
designed in such a way that when inelastic lateral displacements occur in 
ductile frames the required energy dissipation occurs in the potential plastic 
hinge regions of the adjacent members and not 
Accordingly the joint core should be designed 
in the joint core regions. 
to resist the forces arising 
when the overstrength of the framing members is developed. That is, the 
stresses in the flexural steel at the plastic hinges are assumed to be 1.25 
times the specified yield strength in the case of Grade 275 steel, or 1.4 
times the specified yield strength in the case of Grade 380 steel. The design 
horizontal shear force Vjh and the design vertical shear force Vjv are found 
by rational analysis (see Section 2.2) taking into account the effect of all 
the forces acting on the joint. When beams frame into the joint in two 
directions, these forces need only be considered in each principal direction 
independently. 
In determining the shear strength of the joint core using beam 
overstrength input, the strength reduction factor p is taken as unity. The 
shear appl:ed to the joint ~ore is assumed to be carried by a mechanism 
consisting of a concrete diagonal compression strut and a mechanism consisting 
of truss action from a concrete diagonal compression field and the shear 
reinforcement (Section 2.3). Shear reinforcement is detailed to carry the 
design forces in excess of those carried by the concrete. 
In order to prevent the concrete diagonal compression strut from crushing, 
the nominal horizontal shear stress vjh in either principal direction is 
limited to 1.5 vf' MPa, where 
c 
=~ b.h 
J c 
(A.l) 
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The effective joint width, bj' is defined as 
(a) When b > b , 
c w 
(b) When b < b , 
c w 
either bj 
either bj 
Horizontal joint shear 
b + 0.5 h , whichever is smaller. 
w c 
= b + 0.5 h , whichever is smaller. 
c c 
The total area of horizontal shear reinforcement placed between the 
outermost layers of top and bottom beam reinforcement is required to be not 
less than 
(A.2) 
where the horizontal design shear force to be resisted by this shear 
reinforcement is given by 
(A.3) 
In Eq.(A.3), Vch should be taken as zero unless one of the following 
situations applies : 
(a) When the minimum average compressive stress on the gross concrete area of 
the column above the joint exceeds O.lf'/C. 
c J 
2 
3 
cle 
A g 
(A.4) 
where C. = V.h/(V. + V. ) where VJ'x' VJ.Y. horizontal design shear forces in J J JX JY joint core in the two principal directions (Cj = 1 for one-way frame or 0.5 
for symmetrical two-way frame), P = minimum axial compressive column load, A 
e g 
= gross area of column cross section. 
(b) When the design is such that plastic hinging occurs in the beam at a 
distance away from the column face not less than the beam depth nor 500 mm 
(Fig.A.l), or for external joints where the flexural steel is anchored outside 
the column core in a beam stub (Fig.A.2), the value of Vch may be increased to 
A' 
s 
o.s A vjh 
s 
A-4 
where A'/A should not be taken larger 
s s 
results in tensile stresses over the 
0.4 A f' g c 
than 1.0. 
) (A.S) 
When the axial column load 
gross concrete area exceeding 0.2 f', 
c 
Vch = 0. For axial tension between these limits Vch may be obtained by linear 
interpolation between zero and the value given by Eq.(A.S) when P is taken as 
e 
zero. 
(c) For exterior joints without beam stubs at the far face of column, Eq.(A.S) 
may be used when multiplied by the factor 
3hc(Ajv provided) 
4hb(Ajv required) (A.6) 
which should not be taken as greater than 1.0. Use of this factor requires 
that the beam bars be anchored using a 90° standard hook in the joint core 
(Fig.A.3). 
(d) When the ratio hc/hb is greater than or equal to 2.0, Vch need not be 
taken as less than 
Vertical joint shear 
0.2b.h v'f' J c c (A. 7) 
The total area of vertical shear reinforcement, normally in the form of 
intermediate column bars on the side faces of the column, should not be less 
than 
A. JV v /f SV yv 
where the vertical design shear force 
reinforcement is 
v = v - v 
sv jv cv 
(A.8) 
to be resisted by this shear 
(A.9) 
When plastic hinging is not expected to occur in the column above or below the 
joint core, V is given by 
cv 
v 
CV 
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A' 
sc (, 
A vjv Lo. 6 + 
sc 
(A. 10) 
except where axial load results 
When P is tensile, value of 
e 
given by Eq.(A.lO) when P is 
e 
in 
v 
CV 
taken 
tensile stresses over the column section. 
is interpolated linearly between the value 
as zero and zero when the axial tensile 
stress over the gross concrete area is 0.2 f'. 
c 
However, if plastic hinges are expected to form in the column above or 
below the joint core, 
column. 
V should be 
cv 
taken as zero for any axial load on the 
The spacing of vertical shear reinforcement in each plane of any beam 
framing into the joint should not exceed 200 mm and in no case should there be 
less than one intermediate bar in each side of the column in that plane. 
Confinement of joint core 
The horizontal transverse confinement reinforcement in the joint core 
should not be less than that required in the potential plastic hinge regions 
in the adjacent columns. Thus for columns with hoops and supplementary cross 
ties the total area of transverse steel in each of the principal directions of 
the cross section should be at least equal to 
G 
f' p 
0.3shh" f- 1 J / ( 0.5 + 1.25 ¢f': J 
c yh c g 
(A.ll) 
but not less than 
f' p 
0.12shh" ~ ( 0.5 + 1.25 ¢f': J 
yh c g 
(A.l2) 
where ~ .. 0.9, If a capacity design procedure is used to protect columns 
against plastic hinging, the required quantity of transverse reinforcement in 
the potential plastic hinge regions may be reduced to one-half of that 
required by Eqs. (A.ll) and (A.12). 
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In no case shall the spacing of transverse reinforcement in the joint core 
exceed 10 times the diameter of the longitudinal column bar or 200 mm, 
whichever is less. 
Bar anchorage in interior joints 
To keep bond stresses to an acceptable level, the diameters of 
longitudinal bars db passing through a joint core are limited as follows : 
(a) Beam bars : 
When plastic hinging can occur adjacent to the column face 
db ~ hc/25 when fy = 275 MPa, or 
db ~ hc/35 when fy 380 MPa. 
When plastic hinging is located at a distance from the column face of at least 
the beam depth or 500 rnm, whichever is less 
db ~ h /20 when f 
c y 
db ~ h /25 when f 
c y 
(b) Column bars 
275 MPa, or 
380 MPa. 
When columns are intended to develop plastic hinges 
db ~ hb/20 when fy 275 MPa, or 
db ~ hb/25 when fy 380 MPa. 
When columns are not intended to develop plastic hinges 
db ~ hb/15 when fy 
db ~ hb/20 when fy 
275 MPa, or 
380 MPa. 
Bar anchorage at exterior joints 
The basic development length of a deformed bar in tension terminating 
with a standard 90" hook (Fig.A.3) is 
(A.13) 
Where the bar diameter is 32 rnm or smaller with side cover not less than 60 mm 
and cover on tail extension not less than 40 mm, the value may be reduced to 
0.72hb' and where the concrete is suitably confined the value may be reduced 
to 0.82hb' 
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The basic development length for a deformed bar in compression is 
0.24db f /yr' y c 
but not less than 0.044dbfy. 
value may be reduced to 0.75~db' 
Where the 
(A.14) 
concrete is suitably confined the 
The anchorage is considered to commence within the column at distance 
O.Shc or lOdb from the column face, whichever is less, except that when the 
plastic hinge is located away from the column face, anchorage may be 
considered to commence at the column face (Fig.A.4). 
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APPENDIX B 
Calculations for Test Unit lD-I 
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B.l Design of Test Unit 1D-I 
The final dimensions and reinforcing details for the test unit as 
constructed are shown in Fig. 3.1. Design was carried out in compliance with 
the current NZS 3101 [4] code provisions. The following design results have 
also been summarised in Section 3.2. 
(1) The Slab 
The 100 mm thick slab was assumed to be equal to the slab between the 
ribs of the prototype floor to satisfy fire requirements. According to NZS 
3101, a minimum of 0.002 of gross concrete area of shrinkage and temperature 
reinforcement parallel to the beams is required. For this test unit, D10 
bars, with a yield strength of f = 326 MPa, were provided at 350 mm spacings. y 
The steel content was 0.224%. Though ribs were not included in the test unit, 
the top flexural reinforcement of the prototype ribbed floor was simulated by 
providing D16 bars in the transverse direction, which amounted top = 0.714%. 
s 
(2) The Beams 
The largest longitudinal bar used was 24 mm, being equal to 1/25th of 
the joint (column) depth. 
According to the provisions of NZS 3101, the effective slab width in 
tension was taken as 550 + 2 x 2.5 x 100 = 1050 mm. One D10 slab bar on each 
side of the beam was therefore included as part of the flexural tension 
reinforcement. Hence the reinforcement ratio for the beam with Grade 275 
steel became 
(top bars) p 1.34% (or 0.92% in terms of Grade 400 steel) 
(bottom bars) p'= 0.77% > 0.5p 
Alternatively, if all D10 slab bars (10 total) were considered as 
part of the flexural tension reinforcement, p then became 1.66%, which was 24% 
larger than the value derived from code procedures for flexural design. 
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From Eq.(3.7) the internal lever arm (434 mm) was taken as the 
distance betwen the centroids of the top and bottom groups of flexural bars. 
The ideal (nominal) flexural "seismic" 
275 MPa, were 
(-) Mi = 310 kNm and (+) Mi = 183 kNm 
strengths so computed, based on f y 
These values corresponded to dependable strengths for the prototype structure, 
with a strength reduction factor of¢ = 0.9, of 
(-) M 
u 
279 kNm and (+) M 
u 
165 kNm 
The alternative nominal 
calculated by the ACI stress block 
Appendix B.2. 
flexural strengths of beam sections, 
method (see Section 3.8.2), are given in 
A consideration for capacity design is that all the longitudinal bars 
in the beams and slab may be stressed to 1.25 f . The maximum· beam moments y 
at the column face so derived were then 
(-) M 
0 
486 kNm and (+) M = 231 kNm 
0 
The shear forces associated with these maximum moments were considered when 
designing the beam transverse reinforcement and the column reinforcement. 
In the potential plastic zones over 2 x 550 1100 mm length on 
either side of the column, 4 legs of R10 stirrup ties at 120 mm centres (6 
times the smaller beam bar diameter) were used as transverse reinforcement. 
These satisfied requirement of shear strength and minimum tie spacing 
requirements for confinement and bar stability purposes. 
The design strength of the test unit, in terms of the column shear 
force and based on specified material properties, Vi(design)' was estimated by 
Eq.(3.4) as 
v - ( 310 + 183 ) 2025 - 165.4 kN 
i(design) - 1725 3500 -
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The dependable strength became 0.9 
overstrength factor¢ = 1.25/0.9 = 1.39, 
0 
1.39 X 148.9 = 207.0 kN. 
(3) The Column 
165.4 = 148.9 kN. With an 
the storey shear was estimated as 
The largest longitudinal bar used was 24 mm diameter while code 
requirements allow for Grade 380 steel a maximum bar size of 28 mm (i.e. 
1/20th of beam depth). 
The required ideal flexural strength of the column section was 
estimated from the beam flexural overstrengths given. The minimum value of 
the dynamic magnification factor w = 1.3 [4] was used. Thus the required 
ideal flexural strength of the column needed to be 1.3 x (1.25/0.9) = 1.8 
times Meade= 261 kNm. Thus Mcol 427 kNm (see Eq.(3.1)). Accordingly, a 
reinforcement content of pt = 1.32% was required. Alternatively, considering 
the case with (±)M
0 
= 355 kNm and taking w = 1.0, pt = 1.0% was required. The 
8-HD24 and 4-HD20 bars gave pt 1.48% steel content. Hence column yielding 
during the test was not expected. In a real building some axial gravity load 
on the column would be present, resulting in a reduction of column 
reinforcement content. 
The design shear force for the column was 1.3 x 207 = 269 kN. 
However, the transverse reinforcement in the end regions was governed by the 
minimum spacing requirements for confinement and bar stability. 
(4) The Joint 
The design horizontal joint shear force across the joint was assessed 
according to NZS 3101 as 
vjh = 1.25(275)(2595.4 .+ 1533.1)10- 3 - 207 1212 kN 
Hence the horizontal joint shear stress was 
1212 X 103 
vjh = 550 x 600 = 3.67 MPa < 1.5 vf'c = 8.22 MPa 
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Horizontal joint shear reinforcement was assumed to resist the entire shear 
force, so that 
vsh,required 1212 kN 
As shown in Fig. 3.1, four sets of R16 hoops were used. For each set of hoops 
the number of effective tie legs across the joint was taken as N = 4.8. The 
shear force that the 4 sets could resist was 
v = 4 (4.8) 201 (275) 10- 3 
sh,provided 1061 kN 
which was only 87.5% of that required. However, the measured yield strength 
of R16 bars supplied was found to be 330 MPa and this corresponded to a shear 
resistance of 
vsh,provided 
330 1061 X 275= 1273 kN > 1212kN 
Following the code recommendations for vertical joint shear, 
550 
:= 1212 X 600 1111 kN 
The concrete mechanism was assumed to carry 60% of the shear force. 
Reinforcement was to resist the remainder. Therefore 
V , d = 0.4 X 1111 444 kN 
sv,requ1re 
The four HD-20 intermediate vertical bars would provide 
-3 
v 'd d =4(314.2)(380)10 sv,prov1 e 478 kN > 444 kN 
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B.2 Beam Flexural Strengths to ACI Method 
The calculation procedure for flexural strength according to the ACI 
stress block method (Section 3.8.2) follows that explained in standard 
textbooks [1]. Most of the symbols used in the following calculations and 
Figs.B.l and B.2 have appeared in the text and can be referred to in the list 
of notation. Symbols used only in this appendix are explained as follows 
a = depth of equivalent ACI rectangular stress block 
C resultant internal compression force 
/31 = ratio of a/c (= 0.85) 
c ultimate strain in outermost compression fibre of concrete, assumed 
cu 
to be 0.003 
(1) Positive Flexural Strength (top fibre in compression) 
With reference to Fig.B.1, 
b = 2(550) = 1100 mm e 2 
As1 2 (78.5) mm (2-D10 slab bars) 
fs1 E 1 E = 0.003 (41-c)200000/c MPa s a s 2 
As2 4(452.4) mm (4-D24 top bars) 
fs2 E 2E = 0.003(53 - c) 200000/c MPa s s 2 
As3 2(314.2) mm (2-D20 top bars) 
2 
As4 2(452.4) mm (2-D24 bottom bars) 
Ass 2(314.2) 2 (2-D20 bottom bars) mm 
f 275 MPa y 
f 275 MPa y 
f 275 MPa y 
Therefore, EC 
m' + m' 
s,top s,bottom 
For equilibrium, DC LT. Solving, c 39.9 mm 
The corresponding strains are 
Es1 
E s3 
E s5 
0.003(41 - c)/c 
0.003(101 - c)/c 
0.003(500 - c)/c = 
0. 0001 < E 
0.0046 > E 
0.035 > E 
y 
y 
y 
Es2 
E s4 
0.003(53 - c)/c 
0.003(498 - c)/c 
0. 0010 < E y 
0.0034 < E y 
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The ultimate moment of resistance is 
230.5 k.Nm 
This exceeds the "seismic steel-couple" moment (Appendix B.1) of 183 k.Nm by 
25.9%. 
(2) Negative Flexural Strength (top fibre in tension) 
b 
e 
b 
w 
As1 
As2 
As3 
As4 
f 
s4 
AsS 
fs5 
With reference to Fig. B.2, 
550 + 2(2.5) 100 = 1050 mm 
440 mm 
2 2(78.5) mm (2-010 slab bars) 
4(452.4) mm2 (4-024 top bars) 
2 2(314.2) mm (2-020 top bars) 
2 2(452.4)mm (2-024 bottom bars) 
e 4E = 0.003(c-52)200000/c MPa s s 2 
2(314.2) mm (2-020 bottom bars) 
c s5Es = 0.003 (c - 50) 200000/c MPa 
For equilibrium, ET DC. Solving, c 62.8 mm. 
The corresponding strains are 
= o. 021 > t y 
f 275 MPa y 
f 275 MPa y 
f 275 MPa y 
0.021 > t y t s 1 
c s3 
es5 
0.003 (509 - c)/c 
0.003 (449 c)/c 
= 0.003 ( 50 - c)/c 
= 0.018 > c 
ts2 
6 
s4 
0.003 (497 - c)/c 
0.003 ( 52 c)/c -0.0005 < c y 
= -0.0006 < € y 
The ultimate moment of resistance becomes (-)Mi = 323.7 k.Nm. 
y 
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When compared with the "seismic steel-couple" moment (Appendix B.l) of 310 
kNm, the difference is 4.4%. 
As4 A 
i /~ • 
I. bw .. 1 Es5 
SECTION STRAIN EQUIVALENT STRESSES 
L Ts(top) 
LTs (bottom) 
RESULTANT 
INTERNAL FORCES 
Fig.B.l - Positive flexural strength of beam section of Unit 'lD-I 
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Ecu :0.003 
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Cc 
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STRAIN EQU/VALE.NT STRESSES INTERNAL FORCES 
Fig.B.2 - Negative flexural strength of beam section of Unit lD-I 
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B.3 Prediction of Strengths of Test Unit 10-I 
The following strength 
properties. The ideal (nominal) 
at the column faces, (±)Mi' are 
Section 3.8.2 and summarised in 
calculations are based on measured material 
strengths of the T-beam sections so derived 
calculated for the various cases discussed in 
Fig.3.21. The resulting beam strengths and 
the corresponding beam end forces and storey shear are summarised in Tables 
B.1 to B.3. As stated in Section 3.8.2, cases (d) and (g) are taken as 
reference cases. 
TABLE B.l "EAST-WEST" IDEAL BEAM STRENGTH PROPERTIES 
( i) "Positive'' Flexural Strength (+)Mi (flange in compression) 
Case a b c d e f 
b (mm) 0 400 550 1100 1500 1650 
e 
(+)M.(kNm) 
1 
193.3 224.9 230.6 248.0 256.5 258.1 
(ii) "Negative" Flexural Strength (-)M. or Mt (flange in tension) 
1 1 
Case g h 
b (mm) 1050 
e 
Full slab width 
Moment(kNm) (-)Mi = 343.6 (-)Mi* = 435.8 
(iii) Ideal Tip Forces For Prediction of Stiffness 
WEST BEAM EAST BEAM COLUMN 
Case (g) (-) pi = 199.2 kN Case (d) (+)Pi = 143.4 kN 
(±)Vi = 198.4 kN 
Case (d) (+) pi = 143.8 kN Case (g) (-)Pi = 198.6 kN 
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TABLE B.2 "EAST-WEST" THEORETICAL STOREY SHEAR 
Beam Moment +Ve -ve +Ve -ve +Ve -ve +Ve -ve +Ve -ve +Ve -ve 
Case a g a h b g c g d g d h 
b (mm) 0 e 1050 0 FSW 400 1050 550 1050 1100 1050 1100 FSW 
(±)Vi or Vi* (kN) 180.0 211.0 190.6 192.5 198.4 229.3 
Note: Vi from cases (d) & (g) is the reference shear plotted in the response diagrams. 
FSW = full slab width 
TABLE B.3 "EAST" BEAM THEORETICAL TIP FORCES BASED ON DIFFERENT ASSUMPTIONS 
Case a b c 
b (mm) 
e 0 400 550 
(±)P.(k.N) 
1 
(+)111.7 (+)130.0 (+)133.3 
Note: "West" beam tip forces are 
shorter as-constructed beam 
differences are insignificant 
shown here for brevity. 
FSW = full slab width 
d 
1100 
(+)143.4 
slightly 
length, 
and the 
g h 
1050 FSW 
(-)198.6 (-)251.9 
larger due to 
but the 0. 3% 
results are not 
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B.4 Prediction of Stiffness of Unit lD-I 
(1) Deformations of the Beams 
For the east beam, the end deflection is given by Eq.(3.22a) with 
I 
0.9(143.4) = 129.1 kN, £1 
3.91 x 109 mm4 (Eq.3.13a), f 
1730 mm, 
1, b = 400 
w 
ol,b = 1.96 + 0.18 = 2.14 mm 
E 
c 
mm, 
4700vfc' '= 29000 MPa, 
and hb = 550 mm. Thus 
The end deflection of the west beam is from Eq.(3.22b) with 
I 
0.9(199.2) = 179.3 kN, and £2 1725 mm, 
2.71 + 0.24 2.95 mm 
The equivalent storey displacement from the contribution of beam 
deformations (Eq.3.23) becomes thus 
(2) Deformations of the Column 
The elastic flexural and shear deformations of the column is given by 
Eq.(3.17) with V 
c 
0.9(198.4) 178.6 kN, £ = 1475 
9 4 c 
mm, E = (29000 + 
c 
24000)/2 = 26500 MPa, 
and h 
c 
600 mm, 
I = 4.95 x 10 mm (Eq.3.13b), 
e 
~ = 2.91 + 0.36 3.27 mm 
c,c 
(3) Total Deformation and Stiffness 
f = 1.2, b = 550 mm, 
c 
By summing up the components including the joint shear strains (Eqs. 
3. 24 and 3. 8) , 
~ = 4.39 + 3.27 + 0.2~ 
e e 
Hence ~ 9.6 mm 
e 
With V = V d = 178.6 kN, the theoretical stiffness, Kth ti 1 , of the c co e eore ca 
test unit is estimated according to Eq.(3.25) 
K theoretical 
B-12 
178.6 9.6 = 18.6 kN/mm 
Alternatively, the effective 
calculated according to Eq.(3.14). 
moments of inertia, 
With this expression 
deflection components are revised further as follows: 
(i) For the east beam, 2.67 X 9 4 I 10 mm , 
e 
For the west beam, I 3.22 X 9 4 
e 
10 mm , ( ii) 
6,. ~.05 + 3
·
52] 3500 c,b 030 + 2025 Hence 
For the column, with I 
e 
9 4 3.81 x 10· mm , 
6. 4. 14 mm 
c,c 
6 1 'b 
02,b 
5.67 mm 
3.05 mm 
3.52 mm 
I , can be 
e 
the estimated 
Allowing for joint distortion, the total equivalent storey (column) deflection 
is estimated as 
6. 12.3 mm 
e 
The theoretical stiffness of the test unit is then 
Ktheoretical 
178.6 
12.3 14.5 kN/mm 
This latter value is plotted and compared with the observed stiffness in 
Fig.4.11. 
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Calculations for Test Unit 20-I 
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C.1 Design of Test Unit 20-I 
As explained in Section 3.1, this 
interior beam-column joint. The dimensions 
test unit are shown in Fig. 3.2. 
(1) The Slab 
unit was to simulate a two-way 
and reinforcing details for the 
The minimum thickness of a prototype two-way floor slab, to satisfy 
both NZS 3101 [4] and ACI 318-83 [5] stiffness requirements, is 120 mm. 
However, in accord with the guidelines of the co-operative research programme, 
a thickness of 130 mm was adopted. Considering dead weight and live load 
effects, as in practical design, the top flexural reinforcement at continuous 
edges (i.e. the beams) consisted of 010 bars at 160 mm centres. This 
corresponded to a steel ratio of p = 0.377% in terms of gross concrete area. 
s 
At midspan of the slab, 010 bottom bars at 240 mm centres provided a 
reinforcement ratio of p = 0.252%. Bearing in mind that the slab 
s 
reinforcement was based on a nominal yield strength of f = 275 MPa, as is y 
common in New Zealand, the above steel contents were comparable to the ratios 
of 0.3% and 0.2% respectively in terms of f = 400 MPa. Curtailment of the y 
bars, as shown in Figs. 3.2(b) and 3.15(b), satisfied the NZS 3101 
requirements. 
(2) The Beams 
As seen in Fig.3.2, beam depths were specified to be 550 mm in the 
east-west and 575 mm in the north-south direction. According to the details 
shown in Fig. 3.2(b), the internal lever arms in the two directions differ 
only by 1 mm. Hence 
identical. As with Unit 
the flexural strengths of the beams were nearly 
10-I (App.B.1) the largest diameter of longitudinal 
bar used was 24 mm. Thus, for the specified yield strength of f = 275 MPa, y 
the embedment requirements of NZS 3101 [4] ~ere satisfied. 
As recommended in NZS 3101, the effective width of the slab, acting 
as a tension flange, in association with the beam in negative bending, was 
taken as 600 + 2 x 4 x 130 = 1640 mm. Noting that only every second bottom 
bar in the slab passed through the transverse beam (Figs. 3.2(b) and 3.15(b)), 
a total of eight DlO slab bars were included in the evaluation of the negative 
flexural resistance of the beam sections. Hence the reinforcement ratios for 
the beams, using Grade 275 steel, were calculated as: 
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(top bars) p = 1.57% (N-S) or 1.58% (E-~) 
(bottom bars) p' 0.73% (N-S) or 0.77% (E-~) 
Thus p ' ~ 0. 48p 
(or approximately 1.07% in 
terms of Grade 400 steel) 
Alternatively, if all DlO slab bars (24 in total) were counted as 
part of the flexural tension reinforcement, p then became 2.40% (N-S) or 2.44% 
(E-W), which was about 55% larger than the values derived above from code 
procedure for flexural design. 
For routine design purposes, with good approximation, the internal 
lever arm in flexure was taken as the distance between the centroids of the 
top and bottom groups of beam flexural bars. This was estimated to be 435 mm. 
The ideal (nominal) flexural strengths, based on f = 275 MPa, were computed y 
according to Eq.(3.7) as 
(-) M1 = 367 kNm and (+) M1 183 kNm 
These values corresponded with dependable strengths for the prototype 
structure, with a strength reduction factor of ¢ = 0.9, of 
(-) Mu = 330 kNm and (+) Mu 237 kNm 
The shear forces associated with these maximum moments were considered when 
designing the beam transverse reinforcement and the column reinforcement. 
In the potential plastic 
on the north and south sides of 
hinging zones over 2 x 575 = 1150 mm length 
the 
115 mm centres were required to resist 
column, 4 legs of R10 stirrup ties at 
the shear forces. This also satisfied 
the requirements of minimum tie spacing for confinement and bar stability 
purposes. 
The design strength of the test unit, Vi(design)' based on specified 
material properties, was defined as the corresponding storey shear force when 
ideal beam flexural moments (±)M1 were developed at the column faces. Hence 
v (367 + 183) 2025 - 184.5 kN 
!(design) = l 1725 3500 -
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The dependable strength, V d , became 
co e 
overstrength factor~ = 1.25;0.9 = 1.39, 
. 0 
1.39 X 166.1 = 230.9 kN. 
(3) The Column 
0.9 X 184.5 = 166.1 kN. With an 
the storey shear was estimated as 
The largest longitudinal bar allowed [4] in the column was 28 mm 
diameter or 1/20th of beam depth, when Grade 380 steel was used. 
The required ideal flexural strength of the column section was 
estimated from the beam overstrengths given in the previous section, and was 
to be due to a column shear force of ¢ V d = 230.9 kN. 
o co e 
In accordance with the method described in Section 3.2 the minimum 
value of the dynamic moment magnification factor, w, was taken as 1.5 
(Eq.3.1). Thus the required ideal flexural strength of the column needed to 
be at least 1.5 (1.25;0.9) = 2.08 times that of the design earthquake moment 
M d derived for this column. Alternatively by considering the diagonal co e 
flexural strength of a column section (see point 4 in Section 3.2), M d 
co e 
should be magnified by a factor of 2.18. Accordingly, a reinforcement content 
of pt = 1.58% was required. 
It was suspected that, because of the larger participation of slab 
bars in tension flanges of beams, force input into columns, larger than those 
derived from the currently codified [4] procedure could result. Since column 
failure prior to joint failure was not desired, 12 HD28 vertical bars, giving 
pt = 2.05%, were provided. This would correspond tow= 1.83. 
The test unit is representative of members close to the top of a 
multi-storey building where gravity induced axial loads on columns are rather 
small, but dynamic attack due to the contribution of higher modes oE 
vibrations may be more significant. For this situation in a medium rise 
ductile frame the code [4] recommended value of the dynamic magnification 
factor would be of the order of 1.7. 
The design shear force across the column was 1.6 x 230.9 = 369.4 kN. 
However, the transverse reinforcement in the end regions was governed 
essentially by confinement requirement. 
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(4) The Joint 
From details of the beams the design horizontal joint shear force 
across the joint was assessed as 
-3 
vjh = 1.25(275)(3066.6 + 1533.1)10 - 230.9 1350 kN 
Hence the horizontal joint shear stress 
1350 X 103 
vjh = 600 x 600 3.75 MPa < 1.5vf' c 8.22 MPa 
Because of the absence of axial compression load on the column, 
horizontal joint shear reinforcement was required to resist the entire shear 
force, so that V h i d = 1350 kN. As seen in Fig. 3.2, four sets of R16 
s , requ re 
hoops were used. For each set of hoops, the number of effective tie legs 
across the joint was taken as n = 4.8. 
could resist with specified yield strength 
The shear force that the four sets 
f = 275 MPa was y 
v = 4(4.8) 201(275)10- 3 = 1061 kN 
sh, provided 
which was only 78.6% of the estimated maximum acting force. However, 
realising that the measured yield strength of R16 bars supplied was 330 MPa, 
the "realistic" shear resistance of the ties was 
v 
sh, provided 
330 1061 X 275 1273 kN 
which was 94.3% of 1350 kN. This was considered acceptable. 
Following the code recommendations for vertical joint shear, it was 
estimated that 
vjv ~ 1350 (~6~) = 1294 kN 
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The shear force assumed to be resisted by joint reinforcement was 
V i d = 0.4 X 1294 518 kN sv,requ re 
The four HD28 intermediate vertical bars would provide 
v 4(615.8)(380)10- 3 
sv, provided 
936 kN > 518 kN. 
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C.2 Prediction of Strengths of Test Unit 2D-I 
The ideal (nominal) flexural strengths of the T-beam sections are 
calculated for the various possible cases summarised in Fig.3.21 of Section 
3.8.2. These strength properties and the corresponding theoretical forces, 
estimated on the basis of measured material properties reported in Section 
3.3, are summarised in Tables C.1 to C.6 in a format similar to that used in 
Appendix B.3. 
TABLE C.l "NORTH-SOUTH" IDEAL BEAM STRENGTH PROPERTIES 
(i) "Positive" Flexural Strength (+)Mi (flange in compression) 
Case a b c d e f 
b (mm) 0 400 600 1200 1500 1800 e 
(+)Mi(k.Nm) 192.6 242.7 256.8 280.7 284.5 289.5 
(ii) "Negative" Flexural Strength (-)Mi or My (flange in tension) 
Case g h 
b e (mm) 1640 Full slab width 
Moment ( k.Nm) (-)Mi = 415.2 (-)Mi* = 517.4 
(iii) Ideal Tip Forces For Prediction of Stiffness 
SOUTH BEAM NORTH BEAM COLUMN 
Case (g) (-) pi = 240.1 k.N Case (d) (+)Pi = 162.9 k.N 
(±)Vi = 233.3 k.N 
Case (d) (+) pi = 162.3 k.N Case (g) (-)P. = 241.0 k.N 1 
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TABLE C.2 "EAST-WEST" IDEAL BEAM STRENGTH PROPERTIES 
(i) "Positive" Flexural Strength (+)M. (flange in compression) 
1 
Case a b c d e f 
b (mm) 0 400 600 1200 1500 1800 e 
(+)Mi(kNm) 192.6 224.3 231.7 252.6 255.9 260.4 
(ii) "Negative" Flexural Strength (-)Mi or My (flange in tension) 
Case g h 
b (mm) 1640 Full slab width e 
Moment ( kNm) (-)M. = 415.2 (-)Mi* = 508.2 
1 
TABLE C.3 
Beam Moment 
Case 
* "NORTH-SOUTH" THEORETICAL STOREY SHEAR (±)Vi or Vi 
+Ve -ve +ve -ve +Ve -ve +Ve -ve +Ve 
a g a h b g c g d 
-ve 
g 
b (mm) 0 1640 0 FSW 400 1640 600 1640 1200 1640 
e 
(±)Vi or V.* 
1 
(k.N) 203.8 238.1 220.6 225.3 233.3 
+Ve -ve 
d h 
1200 FSW 
267.6 
Note: Vi from cases (d) & (g) is the reference shear plotted in the response diagrams. 
FSW = full slab width 
TABLE C.4 "EAST-WEST" THEORETICAL STOREY SHEAR (±)Vi or Vt 
Beam Moment +Ve -ve +Ve -ve +Ve -ve +Ve -ve +Ve -ve +Ve -ve 
Case a g a h b g c g d g d h 
b 
e 
(mm) 0 1640 0 FSW 400 1640 600 1640 1200 1640 1200 FSW 
(±)Vi or Vi* (k.N) 202.9 234.9 213.6 216.0 223.3 255.0 
Note: v1 from cases (d) & (g) is the reference shear plotted in the response diagrams. 
FSW = full slab width 
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TABLE C.S "NORTH" BEAM THEORETICAL TIP FORCES BASED ON DIFFERENT ASSUMPTIONS 
Case a b c d g h 
b (mm) 0 400 600 1200 1640 FSW e 
(±)Pi(kN) (+)111.8 (+)140.9 (+)149.0 (+)162.9 (- )241.0 (-)300.3 
Note: "South" beam tip forces are slightly smaller because of longer 
as-constructed beam length, but the results are not shown here 
for brevity. 
FSW = full slab width 
TABLE C.6 "EAST" BEAM THEORETICAL TIP FORCES BASED ON DIFFERENT ASSUMPTIONS 
Case a b c d g h 
b (mm) 0 400 e 600 1200 1640 FSW 
(±)Pi(kN) (+)111.1 (+)129.4 (+)133.6 (+)145.7 (-)238.1 (-)293.1 
Note: "West" beam tip forces are slightly larger due to shorter as-
constructed beam length, but the results are not shown here 
for brevity. 
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C.3 Prediction of Stiffness of Unit 2D-I 
(1) Deformations of the Beams 
For the north beam, the 
' 
end deflection is estimated by Eq.(3.22a) 
1723 mm, E = 4700vfc' = 28600 MPa, 
c 
with P1 = 0.9 (162.9) = 146.6 kN, 2 1 
I 4.57 x 109 mm4 (Eq.3.13a), f 
e 1, bw = 400 mm and hb = 575 mm. 
Hence ol,b = 1.91 + 0.19 = 2.10 mm 
The end deflection of the south beam is from Eq.(3.22b) with 
' P2 0.9(240.1) = 216.1 kN, and 22 = 1729 mm, 
2.85 + 0.28 = 3.13 mm 
The equivalent storey sway due to beam distortions only is assumed to 
be the average of o1,b and o2,b. that is, from Eq.(3.23), 
.6. - ~· 10 + 3· 13] 3500 = 4.52 mm 
c,b - ~023 + 2029 
(2) Deformations of the Column 
From Eq.(3.17) with Vc 0.9(122.3) 
Ec (28600 + 24600)/2 = 26600 MPa, 
1.2, b = 600 mm, h = 600 mm, 
c c 
I 5.40 
e 
.6. 3.13 + 0.39 = 3.52 mm 
c,c 
(3) Total Deformation and Stiffness 
Hence 
Applying Eqs.(3.24) and (3.8), 
t:. = t:. = 4.52 + 3.52 + 0.2t:. 
e y e 
.6. 
e 
10.1 mm 
210 . 0 kN, 2 = 14 7 5 mm, 
9 4 c 
x 10 mm (Eq.3.13b), f 
C-11 
With Vc = Vcode = 210.0 kN, 
test unit becomes thus 
the theoretical stiffness, Kth ti 1 , of the eore ca 
(i) 
( ii) 
K theoretical 
210.0 
1Q.1 
With the alternative expression 
For the north beam, I 2.82 X = e 
For the south beam, I 3.58 X 
e 
20.8 kN/mm 
(Eq.3.14) for I ' e 
9 4 0
1 'b = 3.29 10 mm , mm 
9 4 10 mm , 0 2, b 3.37 mm 
Hence f:l 
c,b 
[ 3.11 
2023 + 
3
•
37 J 3500 2029 5.60 mm 
For the column, with I 
e 
+ 
9 
= 6.01 X 10 
f:l = 3. 92 mm 
c,c 
4 
mm , 
Allowing for joint distortion, the total equivalent storey (column) deflection 
is estimated as 
f:l = 12.3 mm 
e 
The theoretical stiffness of the test unit is then 
K h ' 1 t eoret1ca 
210.0 
12:"3 17.1 kN/mm 
This value is plotted and compared with observed value in Fig.5.8. 
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D.l Design of Test Unit 2D-E 
This unit was to simulate an 
the prototype two-way frame modelled by 
are shown in Fig.3.3. 
exterior beam-column joint as part of 
the 2D-I unit. Construction details 
(1) The Slab 
The required thickness of the slab, with one edge considered to be 
discontinuous, was 125 mm according to the stiffness criteria of NZS 3101 [4]. 
A 130 mm thick slab was adopted in conformity with the dimensions of Unit 2D-
I. Layout of the N-S slab bars was identical to that of an interior slab. 
Thus the top layer D10 bars at 160 mm centres and bottom layer D10 bars at 240 
mm centres (see also Fig. 3.16) provided reinforcement ratios of p = 0.377% 
s 
and p = 0.252% respectively in terms of gross concrete area. At the west 
s 
discontinuous edge (i.e. the N-S beams), a nominal amount of top flexural E-W 
reinforcement was required by the code. This turned out to be DlO hooked bars 
at 260 mm centres, giving a steel ratio of p = 0.232%. The bottom layer 
s 
bars, D10 at 240 mm centres with p = 0.252% extended into the edge beams in 
s 
compliance with the code requirements. Again, the above reinforcement 
contents were comparable to the ratios of 0.3% and 0.2% for the top and bottom 
layer bars respectively, in terms of higher strength steel of f = 400 MPa. y 
(2) The Beams 
In recognition of the different loadings in two directions acting on 
an exterior bay, the beams were designed separately. 
(i) East beam (550 x 400 mm) 
The main bars of the east beam were identical to those in the E-W 
beams of Unit 2D-I, as explained in Section 3.2. From NZS 3101 [4], 
the width of floor slab acting as tension flange was taken as 500 + 
2(2)130 = 1020 mm (Fig.3.21). Therefore one top layer slab bar and 
one bottom bar on each side of the beam stem should be included as 
part of the beam's 
Fig.3.3(b), it can be 
"negative" 
seen that 
top 
the 
flexural reinforcement. In 
bottom E-W slab bars extended 
into the edge beam by 260 mm. This is less than the code required 
minimum development length of 300 mm for deformed bars in tension. A 
designer would be expected to ignore the contribution of such bars. 
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Therefore in the computation of flexural strength of the east beam 
section, only the two top slab bars were considered effective. Hence 
the reinforcement ratios for the east beam, using grade 275 steel, 
were 
(top bars) p = 1. 34% (or 0.92% in terms of Grade 400 steel) 
(bottom bars) p' 0.77% ~ 0.57p 
If all of the top layer 010 slab bars (12 in total) were assumed to 
be effective tension reinforcement, then p became 1.74%, an increase 
by nearly 30%. 
The distance between the centroids of the top and bottom main bars of 
the beam was 434 mm. The approximate ideal (nominal) "seismic" 
flexural strength, with f ~ 275 MPa, were therefore y 
(-)Mi = 310 kNm and (+) Mi = 183 kNm 
Applying a strength reduction factor of ¢ 
strengths for the prototype structure were 
(-)M = 279 kNm and (+) M 
u u 
165 kNm 
0.9, the dependable 
If all the main bars in the beam and the 12 D10 top layer slab bars 
were stressed to 1.25 f , the flexural overstrength moments at the y 
column face would increase to 
(-)M0 = 504 kNm and (+) M0 229 kNm 
It was seen that the flexural strengths were almost identical to 
those of the east-west beams of Unit 10-I (App.B.l). The same 
arrangement of transverse reinforcement was therefore adopted for 
this unit. 
The anchorage length provided for the bottom 024 bars of the east 
beam, considering the most critical case, was 461 mm measured from 
the east column face to the end of the 90° hook (Fig. 3.3(c)). The 
minimum development length estimated from ·the code (see also App.A) 
should be 442 mm. This requirement was therefore satisfied. The 
(ii) 
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"hook lengths" for the 024 and 020 bars are also shown in Fig. 3.3 
(c). 
North-south beams (575 x 300 mm) 
The smaller column size, typical for all exterior columns, resulted 
in the beam bar diameter being limited to db = h/25 = 20 mm to 
satisfy code requirement. In evaluating the negative flexural 
strength, the effective overhanging part of the flange of the L-
shaped N-S beam was assumed to be 125 + 4 x 130 = 645 mm. From Fig. 
3.3(b), 3 top layer D10 slab bars and 1 bottom layer bar were within 
this effective area and therefore considered as part of the tension 
reinforcement. 
The beam properties are summarised as follows: 
(top bars) p = 1.30% · 
(bottom bars) p' 1.03% ~ 0. 79 p 
With the internal lever arm approximated as 415 mm, 
(-) Mi 
(-) M 
u 
215 kNm and (+)M. = 179 kNm 
l 
194 kNm and (+)Mu = 161 kNm 
The alternative case considered all 9 top layer and 3 bottom layer 
slab bars stressed to 1.25 f in tension together with the beam main y 
bars, in which case : 
(-) M 
0 
358 kNm and (+)M = 224 kNm 
0 
In the potential plastic hinging zones over 2 x 575 = 1150 mm length 
on the north and south sides of the column, 3 legs of R10 stirrup 
ties at 120 mm centres (i.e. 6 times the beam bar diameter) were 
required as transverse reinforcement according to the minimum tie 
spacing requirements for confinement and bar stability purposes. 
This reinforcement also provided sufficient resistance against the 
maximum beam shear forces. 
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(3) The Column 
As is evident in Fig. 3.3, the column in the N-S direction is an 
interior column of an exterior frame, while in the E-W direction, it is an 
exterior column. Actions in both directions were therefore considered. For 
reasons as used for Unit 20-I (App. C.l), H028 bars were used as vertical 
reinforcement. The design procedures followed those for Unit 20-I. 
(i) Actions in the E-W direction 
The storey shear shown at section 2-2 of Fig. 3.3 (a) was defined as 
positive when the beam was displaced upwards. However, in view of 
the larger negative flexural strength of the beam section 
(i.e. -Mi > + Mi)' the associated negative shear force was taken as 
the critical case. The corresponding ideal column shear strength 
based on specified material properties was thus 
(-)Vi(design) ( 310 ) 2025 """1.75 3500 
The dependable strength became 
(-)V d = 0.9 X 102.5 = 92.3 kN co e 
102.5 kN 
The corresponding column moment at beam centre line was 
(-)M d = 92.3 X (3.5/2) = 161.5 kNm. 
co e 
Following the NZS 3101 [4] recommendations, the final design column 
moment at the critical section (i.e. beam face) to avoid hinge 
formation in the column, was estimated according to Eq.(3.1). Hence 
(-)Mcol = 302.9 kNm. This value was smaller than the design N-S 
moment estimated in (ii) below. 
(ii) Actions in the N-S direction 
Using similar notation and procedure as in (i) above, 
(±)Vi(design) ( 215+179 ) 2050 -130 4 kN 1.775 3500- • 
0-6 
(±) Vcode = 0.9 X 130.4 = 117.4 kN 
(±) 
(±) 
Mcode = 117.4 x (3.5/2) 
M 
col 383.4 k.Nm 
205.5 kN 
It was found that a reinforcement content of pt = 1.91% was required. 
Similar to the design for Unit 20-I, it was considered necessary to 
make allowance for the larger resistance which would result from the 
action of all slab bars in tension. From practical considerations, 
12 H028 vertical bars (pt = 2.69%) were adopted. 
The design shear force across the 
V 1 = 1.6xl.39x117.4 = 261.1 kN 'in the N-S direction. co 
reinforcement was controlled by the minimum bar spacing 
confinement of concrete rather than shear. 
column was 
Transverse 
requirement for 
The design of this column was 
represent the test situation, no axial load 
the real structures some axial compression 
somewhat unrealistic because, to 
on the column was considered. In 
would be expected and hence the 
required reinforcement content in prototype columns would probably be less 
than that used in these tests. 
(4) The Joint 
(i) For loading in the E-W direction 
The joint in this directions acted as an exterior joint with shear 
input from the east beam only. The larger design horizontal shear 
across the joint was estimated as 
vjh = 1.25(275)(1810+628.3+157.1)10- 3 - 1.39x92.3 
vsh,required 
763.9 kN 
With the arrangement of joint reinforcement shown in Fig. 3.3(c), the 
contribution of the joint ties was estimated as follows : 
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- Circumferential R16 ties -3 332 kN 6x20lx275x10 = 
- Intermediate R12 ties 6x113x275x10 -3 186 kN 
- Intermediate R16 ties 170 -3 8x470 x201x275x10 160 kN 
Total v 678 kN sh,provided = 
Thus V h id d was only 88.8% of V h i d' On the other hand, s ,prov e s ,requ re 
adopting the measured rather than specified strength of the steel 
bars supplied (see Table 3.5), the shear joint resistance of the ties 
became V h id d = 807 kN > 763.9 kN. s ,prov e 
(ii) For loading in the N-S direction 
For this loading, horizont~l reinforcement was to be provided as for 
an interior joint. The joint shear should be 
-3 
vjh = 1.25(275)(1884.9+1570.8)10 - 1.25 (117.4) = 1041.1 kN 
The contribution of the joint ties shown in Fig. 3.3(c) was 
- Circumferential R16 ties 6 X 201 X 275 X 10- 3 = 332 kN 
- Intermediate R12 ties 
- Intermediate R16 ties 
(.226) -3 6~20 113 X 275 X 10 
-3 8 X 201 X 275 X 10 
Total V 
sh,provided 
100 kN 
442 kN 
874 kN 
This was only 83.9% of V 
sh,required' 
properties, the shear resistance 
Considering the measured steel 
of the ties increased to 
v = 1046 kN > 1041.1 kN. sh,provided 
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The vertical joint shear was estimated, following the code [4] 
recommendations, as 
575 ~ 1041.1 X 500 1197 kN 
Vertical reinforcement was assumed to carry 40% of the shear force. 
Therefore 
v . d sv,requ1re 0.4 X 1197 479 kN 
The four HD28 intermediate vertical bars would provide 
v id d = 4(615.8)(380)10- 3 = 936 kN > 479 kN sv,prov e 
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0.2 Prediction of Strengths of Test Unit 20-E 
As for Unit 20-I (App.C.2), the ideal strength properties and the 
corresponding theoretical forces for Unit 20-E are calculated for the various 
possible cases shown in Fig.3.21. The results are summarised in Tables 0.1 to 
0.6. 
TABLE 0.1 "EAST" IDEAL BEAM STRENGTH PROPERTIES 
(i) "Positive" Flexural Strength (+)M. (flange in compression) 
1 
Case a b c d e 
b (mm) 0 400 500 1000 1500 e 
(+)Mi(k.Nm) 190.9 228.0 232.4 251.5 257.3 
(ii) "Negative" Flexural Strength (-)Mi or Mt (flange in tension) 
Case g h 
b (mm) 1020 Full slab width 
e 
Moment (k.Nm) (-)Mi = 346.7 (-)M.* = 468.5 1 
(iii) Ideal Tip Forces for Prediction of Stiffness 
EAST BEAM COLUMN 
Case (d) (+) pi = 143.8 kN (+) vi = 83.2 k.N 
Case (g) (-) P. = 198.2 k.N (-) vi = 114.6 k.N 1 
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TABLE 0.2 "NORTH-SOUTH" IDEAL BEAM STRENGTH PROPERTIES 
(i) "Positive" Flexural Strength (+)Mi (flange in compression) 
Case a b c d e f 
b (mm) e 0 300 425 700 800 975 
( + )M. (kNm) 
1 
191.4 242.8 252.3 268.2 270.2 272.9 
(ii) "Negative" Flexural Strength (-)Mi or My (flange in tension) 
Case g h 
b (mm) 945 Full slab width e 
Moment (kNm) (-)M. = 275.5 (-)Mi* = 328.4 1 
TABLE 0.3 "EAST-WEST" THEORETICAL STOREY SHEAR (±) Vi or Vt 
Beam Moment +ve +ve +Ve +ve -ve -ve 
Case a b c d g h 
b 
1--· 
e (mm) 0 400 500 1000 1020 FSW 
(±)Vi or vr (kN) (+) 63.1 (+)75.4 (+)76.8 (+)83.2 (-)114.6 (-)154.9 
Notes: (+)Vi from case (d) is the reference 
response diagrams, while (-) Vi from 
negative shear used for reference in 
determination of stiffness. 
FSW = full slab width 
positive shear plotted in the 
case (g) is the theoretical 
the response diagrams and for 
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TABLE D.4 "EAST" BEAM THEORETICAL TIP FORCES BASED ON DIFFERENT ASSUMPTIONS 
Case a b c d g h 
b (mm) 
e 
0 400 550 1100 1020 FSW 
(±)Pi(k.N) (+)109.1 (+)130.3 (+)132.9 (+)143.8 (-)198.2 (-)267.8 
FSW = full slab width 
TABLE 0.5 "NORTH-SOUTH" THEORETICAL STOREY SHEAR (±)Vi or Vf 
Beam Moment +Ve -ve +Ve -ve +Ve -ve +ve -ve +Ve -ve +Ve -ve 
Case a g a h b g c g d g d h 
b (mm) 0 945 0 FSW 300 945 425 945 700 945 700 FSW 
e-
(±)V. or V.*(k.N) 152.2 169.4 168.9 172.0 177.2 194.4 
1 1 
Note: V. from cases (d) & (g) is the reference shear plotted in the response diagrams. 
1 
FSW = full slab width 
TABLE D.6 "NORTH" BEAM THEORETICAL TIP FORCES BASED ON DIFFERENT ASSUMPTIONS 
Case a b c d g h 
b (mm) 0 300 425 700 945 FSW e 
(±)Pi(k.N) (+)107.4 (+)136.2 (+)141.5 (+)150.4 (-)154.5 (-)184.2 
Notes: "South" beam tip loads are sligh,tly larger due to shorter 
as-constructed beam length, but the results are not shown 
here for brevity. 
FSW = full slab width 
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0.3 Prediction of Stiffness of Unit 20-E 
For testing purposes, the theoretical stiffness in the east-west 
direction, when the east beam is displaced downwards, is taken as reference. 
(1) Deformations of the East Beam 
' Applying Eq.(3.22a) with, P1 = 0.9(198.2) = 178.4 kN, 21 = 1750 
E 4700vf' = 32460 MPa, I = 4.01 x 109 mm4 (Eq.3.13a), f = 1, b = 400 
c c e w 
mm, 
mm, 
and hb = 550 mm, 
2.44 + 0.22 2.66 mm 
The equivalent storey sway due 
Eq.(3.23), 
to beam distortions is, from 
b. b -c, ( 
2 
· 
66 
') 3500 = 4. 60 mm 2025 
(2) Deformations of the Column 
E 
c 
From Eq.(3.17) with V 
c 
(32460 + 30680)/2 = 31570 MPa, I 
e 
0.9(114.6) = 103.1 kN, 2c = 1475 mm, 
= 3.47 x 109 mm4 (Eq.3.13b), f = 1.2, 
b 
c 
550 mm, and h = 500 mm, 
c 
b. 2.02 + 0.21 
c,c 
2.23 mm 
(3) Total Deformation and Stiffness 
Hence 
Applying Eqs.(3.24) and (3.8), 
Cl =b. = 4.60 + 2.23 + 0.2t:. 
e y c 
~ ... a.Smm 
e 
With Vc Vcode = 103.1 kN, 
test unit becomes 
the theoretical stiffness, Kth t' 1 , of the eore 1ca 
K theoretical 
103.1 
= ----a:s- = 12.1 kN/mm 
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With Eq.(3.14), considered to be more accurate for I , the estimated 
e 
deflection components are revised as follows 
For the east beam, 
and hence 
For the column, 
therefore 
I 
e 
I 
e 
9 4 3.10 x 10 mm, o1,b 
fJ.. b = c, t ~0~~ J 3500 
9 4 4.60 x 10 mm , 
fJ.. 1.80 mm 
c,c 
3.38 mm 
5.84 mm 
Allowing for joint distortion, the total equivalent storey (column) deflection 
is estimated as 
fJ.. 9.6 mm 
e 
The theoretical stiffness of the test unit is then 
Ktheoretical 
103.1 
---s.6 = 10.7 kN/mm 
This latter value is plotted and compared with observed value in Fig. 6.9. 
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ADDENDUM 
The layout of this thesis is such that the reader may get acquainted 
with various aspects of beam-.column joint problems from Chapters 1 and 
2 before proceeding to Chapters 3 through 6 which report on the 
experimental work. In Chapter 2 especially in Sections 2.3.3 and 2.3.4, 
some new ideas on the behavioural models for joints are developed. 
These concepts are further elaborated in Chapter 8, resulting in a set of 
design recommendations. Some readers may find it more convenient to 
read Sections 2.3.3 and 2.3.4 in conjunction with Chapter 8. 
